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Chapter 6. Analysis of Aznalcéllar dam failure

mechanism with post-rupture
strength concept and progressive
failure

In this section, both the post-rupture strength concept and the two-stage softening
model are applied to simulate practical geotechnical cases. A well known case—the
Aznalcollar dam failure (Olalla & Cuéllar, 2001; Alonso & Gens, 2006a; Gens &
Alonso, 2006; Zabala & Alonso, 2011) has been attributed to progressive failure in
Guadalquivir blue clay (Tsige, et al., 1995; Tsige et al., 1996; Tsige et al., 1997 and
Tsige, 1999) and it is therefore suitable to be taken as a realistic application example.

6.1 Introduction to dam geometry and construction process

Aznalcollar tailings dam failed catastrophically on 25 April 1998 inducing the worst-
ever environmental disaster in the vicinity of Aznalcollar village in the province of
Seville, Spain. The location of the dam is shown in the satellite image (Fig. 6.1). The
dam was built in the Aznalcollar mine region which is located in the north of the
Guadalquivir basin—an open sea in Miocene times and filled by thick deposits of
carbonated marine high plasticity clays (known often as “Guadalquivir blue clays”).
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Fig. 6.1 Location of Aznalcéllar tailings deposit (Alonso & Gens, 2006a)

Fig. 6.2 shows the plan view of the tailings deposit and a representative cross section
of the dam facing the Agrio river prior to the failure. A perimeter dam of increasing
height was built over the years, as the volume of tailings increased.
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Fig. 6.2 Plan view of the Aznalcdllar tailings deposit and representative cross section of
the failed dam (Alonso & Gens, 2006a)

Fig. 6.3 Original dam design (Alonso & Gens, 2006a)

The dam was initially designed in 1978 in accordance with customary geotechnical
engineering procedures. A representative cross-section of the initial design is shown
in Fig. 6.3. The dam was built in a “forward manner”. The height and lateral extension
of the embankment increased continuously for 20 years, as the accumulated volume of
mine tailings increased. A small upstream embankment was first constructed. Then a
bentonite—cement wall, which penetrates into Guadalquivir blue clay, was built to
provide an impervious barrier. The dam was built in phases of increasing height,
advancing in the downstream direction. The structure is actually a rockfill dam with
an upstream impervious blanket of low-plasticity red clay. This blanket is connected
with the vertical cement—bentonite upstream diaphragm wall. This was designed to
ensure the imperviousness of the embankment. Upstream and downstream slopes
were defined in the original project as 1V:1.9H and 1V:1.75H respectively (27.8° and
29.9° with respect to the horizontal).

The dam actually built did not follow all the design specifications. A representative
cross-section of the failed dam is shown in Fig. 6.4. A significant change was
introduced in 1985, when the downstream slope increased from the projected value of
30° (1V:1.75H) to 39° (1V:1.24H). The downstream slope was maintained unchanged
thereafter. A second significant change took place in 1990: the width of the crest of
the dam increased from the planned value of 14 m to 36.50 m. At that time, the height
of the cross section was 21 m over foundations. Other changes are of minor
significance. In 1990 the width of the base of the dam reached a maximum value of
130 m. Subsequent changes in dam height did not modify this base width.
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Fig. 6.4 Evolution of representative cross-section of the dam actually built (east side)
(Gens & Alonso, 2006)

6.2 Description of the failure

Sometime during the early morning of the 25™ of April, 1998 a failure took place
affecting a section of the confining embankment. As a result, several millions of cubic
meters of highly acidic liquefied tailings poured into the Agrio and Guadiamar valleys.
Twenty-four kilometers of the Guadiamar river were affected by the mudflow. Fig.
6.5 shows aerial photographs of the breached embankment, the inundated valley of
the Agrio river and the Eond area, partially emptied and eroded, which were taken in
the morning of April 25" 1998.

The failure surface was located inside the Guadalquivir blue clays. A detailed analysis
of the borehole cores proved it to be practically horizontal and flat in the main
movement zone, lying about 14 m below the alluvial layer. The displaced mass
included the embankment, the alluvium terrace and a slab of clay, having an
approximate thickness of 10 m. Fig. 6.6a shows the cross section of the slide at the
position of Profile 4, defined by the boreholes S4-1, S4-2 and S4-3. The section in Fig.
6.6a includes the data provided by all the boreholes shown in the figure. The
boreholes located upstream of the embankment provided a precise position of the
failure surface since the tailings were found in direct contact with the clay in some of
them. In several boreholes it was also possible to identify the position of the sliding
surface when a highly polished surface could be found. Fig. 6.6b provides a
reconstruction of the original position of the sliding surface before failure
displacements. The inclination (1.5°-2°) and the planar nature of the basal sliding
surface may be a strong indication that it followed a sedimentation plane.

Alonso & Gens (2006a) concluded that the Aznalcéllar dam failure is an unusual case
of deep translational sliding involving the entire dam, which displaced a large distance
(50 m in the central part) as a rigid body and suffered only minor distortions. The
failure affected only the south-eastern embankment and not the northern one.
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(b)
Fig. 6.5 Two views of the breached dam a few hours after the failure (Alonso & Gens, 2006a)
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Fig. 6.6 Cross-section of the slide at the position of Profile 4. (a) Geometry after the slide
as interpreted from borehole results and surface topography (b) Reconstruction of the
position of the sliding surfaces before the failure (Alonso & Gens, 2006a)
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6.3 Geotechnical properties of foundation materials

The failure was described in Alonso & Gens (2006a) as a translational motion of the
rockfill dam, which slid on a plane of high-plasticity Miocene carbonate clay
(Guadalquivir blue clay). The failure did not involve any shearing of the tailings or
the rockfill which are materials with a high friction angle. The stability was basically
controlled by one material: the highly plastic and brittle Guadalquivir blue clay.
Therefore, only the properties of Guadalquivir blue clay are given in length here.

Alonso & Gens (2006a) presented a comprehensive study on the geotechnical
properties of the foundation clay, i.e. Guadalquivir blue clay, in Aznalcollar dam
failure through basic identification, mineralogy and structure examination such as X-
ray diffraction tests and scanning electron microscope observation, direct shear tests,
ring shear tests, unconfined compression and triaxial tests and oedometer tests.

6.3.1 Basic identification

The Guadalquivir blue clay samples exhibit a high percentage of clay sizes (< 2um)
using standard sedimentation techniques. The clay fraction CF varies between 47%
and 58% (average: 53%). They classify as MH or CH (LL=62-67%; IP=31%-35%).
The activity is therefore moderate ( 4=0.62). Of importance, as shown in Table 2.2,
the mean liquidity index (IL) of Guadalquivir blue clay is 0.03 which is quite smaller
than 0.5—the limit for stiff clays. It is evident that Guadalquivir blue clay is a
representative stiff overconsolidated clay with high plasticity.

The Guadalquivir blue clay has very low permeability (10 to 10~ m/s).
6.3.2 Mineralogy
X-ray diffraction tests show that calcite and potassium smectite constitute the bulk of

the clay mineral content.

In all the scanning electron microscope observations the clay minerals were seen to
occur in aggregates of irregular ellipsoidal shape.

6.3.3 Results from direct shear tests

All the direct shear tests showed a brittle behaviour of Guadalquivir blue clay. As
stated by Alonso & Gens (2006a), peak strength was found for displacements of 0.5—
1.5 mm for a range of vertical stresses of 100400 kPa. Beyond peak the strength
initially drops very rapidly, then more gradually (shown in Fig. 6.7). Olalla & Cuéllar
(2001) found similar results (Fig. 6.8).

Alonso & Gens (2006a) introduced a cementation loss index (CL) to measure the
rapid sudden drop of shear strength. This is important to determine the post-peak
strength, especially the post-rupture strength, of stiff clays.

The relevant brittle behaviour is described by the following parameters: peak strength,
7, ; displacement to reach the peak, d, ; strength at the end of the test (for a

displacement of 4-6 mm), 7, ; rapid drop of resistance post-peak: Az,. An additional
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reference strength, the residual strength, 7, , may be calculated for a given vertical

res 2

stress once the residual friction angle is known.
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Fig. 6.7 Direct shear test on specimen of Guadalquivir blue clay from borehole sample at
Aznalcollar dam (Normal effective stress: 400 kPa) (Alonso & Gens, 20062a)
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Fig. 6.8 Data from direct shear test with shear direction reversals on Guadalquivir blue
clay (Olalla & Cuéllar, 2001)

Two brittleness indices /, and /, have been defined in Eq.(2.4) and Eq.(2.5).

In addition, a measure of the rapid loss of strength after the peak is given by two
cementation loss indices CL , and CL, defined in Eq.(2.10) and Eq. (2.11). They

have been associated with the shear-induced loss of cementation of the clay. Again,
the first cementation loss index is larger than the second one, i.e. CL, >CL,.

Alonso & Gens (20062) found that the displacement at peak, d,, does not change

with applied normal effective stress. The average value of d, is 1 mm.
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As seen in Fig. 6.9, the cementation loss indices are plotted against the vertical stress.
No apparent effect of vertical stresses is observed. The average values (CL, =0.55;
CLs = 0.35) are very significant because they indicate that a large proportion of the
peak strength is lost immediately. If the residual strength is taken as the final
reference minimum strength value, it is suggested that 35% of the loss of strength

after peak is due to the loss of cementation, and a further reduction of 65% is
associated with changes of the fabric of the clay (particle reorientation).

Fig. 6.9 Normalised loss of strength of Guadalquivir blue clay, immediately post-peak, as
a function of vertical stress (Alonso & Gens, 2006a)

The two brittleness indices /, and I, are also plotted in Fig. 6.10 against the vertical

stress. A single 7, line is plotted because the residual strength corresponds in all
cases to a common residual friction angle and peak strength values derive from a
common peak strength envelope. Points in Fig. 6.10 represent the /, index
determined for each of the shear tests performed, and this leads to the scatter observed.
The dashed line provides the mean value of /,. A reduction of brittleness with
vertical stress is observed, a common finding also in other soils (Fig. 6.11). The
important point is that Guadalquivir blue clay is highly brittle (/, varies between 0.8

and 0.7 for effective vertical stress between 100 kPa and 400 kPa). Measured
brittleness indices are similar to the values found for blue London clay (Bishop et al.,
1971; Fig. 6.11).
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Fig. 6.10 Variation of brittleness indices I , and I, of Guadalquivir blue clay with

effective vertical stress (Alonso & Gens, 2006a)
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Fig. 6.11 Comparison of brittleness index /, with other values reported by Bishop et al.
(1971) (Alonso & Gens, 2006a)

Measured peak strengths are plotted in Coulomb diagram and some scatter is
observed. Average peak strength values correspond to the drained parameters
c¢'=65kPa, ¢'=24.1°. It is of interest that if the strengths measured at the end of the
direct shear test (for displacements of 4-6 mm) are considered, an average limiting
curve with ¢'=0kPa, ¢=20° is obtained (Fig. 6.12). This curve is neither the post-
rupture strength nor the residual strength. It just implies the progressive deterioration
of the strength of Guadalquivir blue clay. Moreover, Alonso & Gens (2006a) also
stated that no clear indication of anisotropy of the clay matrix was found for
Guadalquivir blue clay and peak parameters determined from horizontal shearing may
represent average peak strength values.
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Fig. 6.12 Direct shear strength envelopes for Guadalquivir blue clay (Alonso & Gens,
2006a)

Residual strength was investigated using two types of test: ring shear tests on
remoulded specimens, and direct shear tests on natural discontinuities. Twelve ring
shear tests were performed at normal stresses of either 200 kPa or 700 kPa. An
average residual friction angle of 13° was measured. Direct shear tests on the

discontinuity gave residual strength parameters as c'=0kPa, ¢ _=11° for vertical

Tes

stresses in the range 200—400 kPa after displacements in excess of 60 mm were
achieved (Fig. 6.12). Considering the quite large displacement occurring in the
Aznalcollar dam failure, the smaller value is adopted in this thesis. At the same time,
according to Fig. 2.1 and Fig. 2.2, the shearing mode for Guadalquivir blue clay
(average CF=53%) is considered to be sliding shear with similar fabric of shear
surface to that observed in Happisburg-London Clay mixture (CF=48%)).

Finally, Alonso & Gens (2006a) synthesized all the results of direct shear tests which
are summarised in Fig. 6.12. The average peak strength is obtained for a shear
displacement of 1 mm. The open symbols in Fig. 6.12 correspond to the strength
measured immediately after the peak at essentially the same displacement. The curved
strength envelope is a reasonable approximation to the measured values. A straight
line is also fitted to the points. The important result is that the sudden loss of strength
results in a destruction of the effective cohesion. An accumulation of shear
displacements of 6 mm implies a drop of friction angle down to 18—20°. Finally, the
residual friction envelope, associated with further additional displacements, is also
plotted in Fig. 6.12.

Now we turn to the main objective of this thesis—the post-rupture strength. As
described in Chapter 2, the cohesion of post-rupture strength for stiff clays ranges
from 0 kPa to 10 kPa. In Aznalcdllar dam case, the cohesion of specimen changes
from 65 kPa at peak to 0 kPa at the end of shear test (Fig. 6.12). An average value 5
kPa is used, which may be considered a reasonable initial value. Moreover, from Fig.
6.12, we can also see that the friction angle of post-rupture strength varies from 24°
at peak to an intermediate value 20° at the end of shear test. Because generally there
is very little reduction of friction angle from peak state to post-rupture state, an
average value 22° may be considered as a reasonable estimation of the friction angle
of post-rupture strength for Guadalquivir blue clay. This may be also confirmed in Fig.
2.3 based on which the fully softened friction angle can be deduced to be about 22.5°
in line with average liquidity limit LL=64.5 of Guadalquivir blue clay.
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Theoretically, all the strengths including peak, post-rupture and residual ones and
relevant displacements can be obtained from Fig. 6.7 and Fig. 6.12 based on
laboratory tests. The shear strengths for Guadalquivir blue clay are summarized in
Table 6.1.

Table 6.1 Shear strengths for Guadalquivir blue clay

Average peak strength ¢, =65kPa, ¢, =24°

Average post-rupture strength c;, = 5kPa, ¢;W =22°
Residual strength c. =0kPa, ¢ =11°

6.3.4 Structure of Guadalquivir blue clay

Fig. 6.13 Slickensides exposed on a sedimentation plane. River bank of Agrio river
(Alonso & Gens, 2006a)

Gens & Alonso (2006) performed back-analysis of Aznalcollar dam failure with limit
equilibrium methods and found that the failure might be significantly affected not
only by progressive failure phenomena but also structural conditions (critical bedding
plane).

Two main types of discontinuities were found in the Miocene clay: subhorizontal
sedimentary planes and a vertical jointing system. When freshly cut surfaces are
exposed to the atmosphere and partially dried, some jointing laminations and
alignments of pyrite micronucleus reveal the sedimentation planes. In exposed
outcrops, the weathered clay exhibits the sedimentation planes more clearly. A dip of
2°-4° towards the SSE was measured in outcrops and trenches. The state of pre-
shearing of the sedimentation planes is difficult to identify. Observations in bedding
planes, both in outcrops and in cores, revealed some shear striations and some shear
zones similar to those described in Chandler et al. (1998). Two examples are given in
Fig. 6.13 and Fig. 6.14. However, these phenomena were not generalised and in other
cases the sedimentation planes appeared closely sealed and intact. Bedding planes
were observed to concentrate in relatively thin bands at 2.0-2.5 m intervals. The joints
and bedding surfaces in Guadalquivir blue clays are not conductive features.
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Fig. 6.14 Slickensides observed in a core recovered in borehole S1-3 at 13.5 m depth
(Alonso & Gens, 2006a)

6.4 Reported numerical analyses of Aznalcéllar dam failure

6.4.1 Numerical results from Olalla and Cuéllar (2001)

The first numerical analyses were conducted by Olalla & Cuéllar (2001) with both
finite element and limit equilibrium methods.

Fig. 6.15 Slip band obtained using the finite element technique (Olalla & Cuéllar, 2001)

They used a plain strain finite element algorithm to perform a parametric study
assuming a five-stage construction process and Mohr-Coulomb model for all the
materials. Homogeneous and isotropic behaviour was assumed. An attempt was made
to incorporate the brittle behaviour of the material at the end of each one of the five
construction stages, by modifying the strength parameters of Guadalquivir blue clay
from peak values to residual ones in every element where failure of the material was
detected. Fig. 6.15 shows the overall movements at the end of the calculation process,
and the slip band itself.
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Fig. 6.17 Comparison of slide surfaces obtained from different methods (Olalla &
Cuéllar, 2001)

Although the modelling results are, to some extent, consistent with the real failure
state, it did not simulate the real construction process as described by Alonso & Gens
(2006a). Furthermore, the way used to simulate the progressive reduction of
Guadalquivir blue clay strength is not an ideal procedure to model progressive failure.

Fig. 6.16 shows the most unfavourable slip plane obtained from limit equilibrium
analysis where an operational angle of friction of approximately 19° with zero
cohesion was applied.

Finally failure slip planes obtained from boreholes, finite element and limit
equilibrium methods were obtained systematically as shown in Fig. 6.17. It can be
seen that if the foundation ground is considered to be a homogeneous medium, both
the limit equilibrium calculations and the finite element method give slip surfaces that
are reasonably consistent with the surface derived from the borings made in the
vertical wall of the dam.

6.4.2 Numerical results from Gens & Alonso (2006)

In the study of Gens & Alonso (2006), a consolidation analysis of the foundation clay
during the history of the dam and lagoon construction provides insights into the
rupture mechanism. They also provide the results of conventional limit equilibrium
and elastoplastic finite element analysis.

Before describing the results, it can be noted that the dam design in 1978 was
performed by a standard slope stability program using the Morgenstern—Price method
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and circular sliding surfaces in order to estimate the stability of the dam and the
reservoir tailings against a critical downstream failure. The critical failure circle was
found to be a deep circle. A safety factor F=1.30 computed for this circle was deemed
to be acceptable.

In 1996 the safety of the dam was reviewed to evaluate the possibility of raising the
final height of the dam by 2 m. A stability analysis was again performed for the
updated geometry of the dam. The drained strength parameters were modified: the

friction angle was reduced to ¢ =22°, but an effective cohesion ¢ =20 kPa was

introduced. A modified Bishop method was used this time in stability calculations.
For the ‘low’ and ‘high’ phreatic level assumptions, safety factors of 1.31 and 1.17
were calculated respectively.

It is apparent that conventional stability calculations assuming Guadalquivir blue clay
to be fairly homogeneous and intact massive deposit predict a rotational failure mode,
which was clearly not the real case. In contrast, in the limit equilibrium analysis
conducted by Olalla & Cuéllar (2001), a weak layer at the same depth as real failure
surface was presumed thus giving more realistic results.

A simplified consolidation analysis of the construction was performed in which the
pore pressure and stress ratio on the failure plane were determined. The calculation
showed that the pore pressures on the failure plane prior to failure were high, certainly
much higher than the values assumed in design. It is believed that this simplified
analysis developed in terms of elastic solutions and consolidation theory provides an
interesting interpretation of the damage mechanisms that presumably took place
before the actual final failure. It provides also a reasonable explanation for the
position of the future failure surface.

Subsequently, several limit equilibrium analyses considering the actual position of the
failure surface were performed. Back-analysis of failure with limit equilibrium

method inferred a friction angle ¢ =17° which is intermediate between the peak

friction angle in direct shear tests (24°) and the residual value (11°) suggesting the
existence of progressive failure.

Both stress analysis, in terms of the maximum stress ratio along the potential failure
surface, with simplified consolidation analysis of the construction process and
stability analysis with limit equilibrium method demonstrate that the minimum safety
factor is not achieved at the time of failure but at an earlier time. These results are
interpreted as providing an additional indication that progressive failure has played an
important role in the development of the instability. Available shear strength must
have reduced, probably as a result of the accumulation of deformations along the
failure surface, due to the construction of the embankment. It is also implied that no
pre-existing very low-strength failure surface could possibly exist, as in that case
failure would have been taking place many years before the actual event.

In addition, limit equilibrium analysis introducing the Agrio river meander illustrated
that the meander has a very limited effect in the development of the failure. So in the
numerical analyses, the geometry as shown in Fig. 6.4 instead of that used by Olalla
& Cuéllar (2001) (shown in Fig. 6.15-Fig. 6.17) was adopted.

Finally, finite element analyse were performed. Elastoplastic coupled flow—
deformation analyses were carried out with the purpose of increasing the
understanding of the mechanisms leading to failure. In a first analysis a homogeneous
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clay deposit was considered. The process of dam construction and tailings
impoundment was simulated in 11 steps. Each step was, in turn, divided into an
undrained application of loading and a subsequent partial dissipation of the pore
pressures until the next undrained unloading is applied. A total of 21 stages of
calculation are thus defined. A Mohr—Coulomb elastic perfectly plastic model was
adopted for all materials.

If peak strength parameters are adopted for the clay (¢ =65 kPa and ¢ =24°) no

plastic points are obtained during the whole construction process. It is concluded that,
in order to explain the embankment failure, some zones within the clay must have
exhibited reduced strengths. In order to simulate failure for homogeneous conditions,
a progressive reduction of strength parameters is introduced. In this way, the rupture
mechanism shown in Fig. 6.18 is found (contours of equal shear strains are
represented). A circular failure is predicted (as in the limit equilibrium type of
analysis for homogeneous clay properties).

15% 15%

45%’0 ,; . 0
30%  45% 19%

Fig. 6.18 Contours of equal shear strain calculated at failure in a 2-D elastoplastic finite
element analysis: homogeneous clay (Gens & Alonso, 2006)

In a second type of analysis a discontinuity with reduced strength characteristics was
located at the position of the sliding plane. This is an interesting problem because, if
the reduced parameters are chosen to reproduce the final condition, failure is predicted
at a much earlier date (at phase 11, out of the total 21 phases). This result is consistent
with previous findings, both in the simplified consolidation analysis and in the limit
equilibrium calculation. It was necessary to adopt two sets of parameters: a ‘more
resistant’ set for the first part of the analysis, and a ‘weaker’ set for subsequent
calculations. This is not a procedure to simulate progressive failure, but it provides a
strong indication of the need to reduce the available strength of the clay if the actual
rupture mechanism is to be approximated. The following strength parameters were
adopted for the analysis with a discontinuity plane:

(a) Plane of discontinuity: ¢ variable between 1 kPa and 15 kPa; ¢ =21.5°.
(b) Clay above and below the critical plane: ¢ =65 kPa and ¢ =24° (mass
properties).

A drained cohesion, 15 kPa, was assumed to correspond to the initial phases, and
¢ =1 kPa was a further reduction of cohesion for the subsequent phases.

This FE analysis also provided data relating to the evolution of pore water pressures
in the foundation that will be discussed later in this Chapter.
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Fig. 6.19 (a) Contours of accumulated shear deformations from origin of calculations
(maximum deformation 22.35%) (b) mesh deformation during failure process (Gens &
Alonso, 2006)

Fig. 6.19 shows the development of an active state in the tailings and upstream of the
dam, and a passive wedge at the downstream toe. The former is not supported by
observations but the position of the passive wedge, immediately downstream of the
dam, is close to real conditions. In Fig. 6.19, horizontal coordinates start at the
upstream toe.

The analysis also confirms that the shear deformations accumulate on the potential
failure plane, and they extend as the embankment construction advances (Fig. 6.19a).
The rupture mechanism, identified by means of the mesh deformation (Fig. 6.19b), is
similar to the actual failure mechanism described by Alonso & Gens (2006a).

6.4.3 Numerical results from Zabala & Alonso (2011)

Zabala & Alonso (2011) used the material point method to simulate the construction
and failure of the Aznalcollar dam. The model predicts the development of a localised
shearing band associated with a progressive failure mechanism. The shape and
position of the failure surface reproduce actual field observations.

6.5 Simulation of Aznalcédllar dam failure with the two-stage
constitutive model

6.5.1 General description of numerical simulation

Although the finite element analysis by Gens & Alonso (2006) reproduced the real
dam construction process and failure, the manner to model clay softening is not a
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procedure to simulate progressive failure because they adopted different sets of soil
parameters for the first and second parts of calculation.

As presented early in this Thesis, the modified elastoplastic non-linear strain-
hardening and strain-softening model implemented in FLAC can be used to simulate
the mechanical behaviour of Guadalquivir blue clay. In this way, progressive failure
can be properly modelled.

The modelling procedure of Azanalcéllar dam failure is described in detail in Table
6.2. The procedure is divided into 7 stages. Stage 1—stage 3 establish the grid and set
the soil parameters. Stage 4 calculates the initial state of stress, strain and pore
pressure. Stages 5-7 (steady-flow calculation, tailings and dam loading and
consolidation) are performed for each construction phase.

Table 6.2 General modelling procedure

Modelling Stage Stage description
1 Grid generation
2 Group setting
3 Model parameters setting
4 Initial state calculation
5 Steady-flow calculation to determine phreatic surface and saturation
6 Tailings and dam loading
7 Consolidation

Table 6.3 presents the modelling phases during the construction of Aznalcollar dam,
which lasted 20 years from April, 1978 till April, 1998 (failure of dam). The whole
construction process is consistent with that described in Section 6.1. In total, 35
phases are set in the numerical model. The height at failure is 26.60 m.

The initial grid before dam construction is shown in Fig. 6.20. The whole model mesh
including all soils and construction groups is seen in Fig. 6.21 and Fig. 6.22. Both
sides are restrained in horizontal direction and the base is also fixed vertically. The
small strain setting is used in the modelling because the large deformation at and after
failure may induce highly distorted element and result in the premature abortion of
calculating process. The diaphragm wall is simulated by a beam element combined
with interface setting.

Table 6.3 Modelling phases (from April, 1978 till April, 1998)

Phase | Description Dam state Time
Height (m) | Width (m) | (days)
1 | Grid generation - - -
2 | Group setting - - -
3 | Model parameter setting and model assignment - - -
4 | Initial state 0.00 0.00 0
5 | Steady-flow calculation
6 |Dam 1 + Tailings 5.50 17.50
7 | Consolidation 548
8 | Steady-flow calculation
9 |Dam 2 + Tailings 8.60 13.70
10 | Consolidation 1125
11 | Steady-flow calculation
12 | Dam 3 + Tailings 12.40 11.71
13 | Consolidation 2005
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14 | Steady-flow calculation

15 |Dam 4 + Tailings 15.40 13.80

16 | Consolidation 2430

17 | Steady-flow calculation

18 | Dam 5 + Tailings 18.08 12.61

19 | Consolidation 3130

20 | Steady-flow calculation

21 | Dam 6 + Tailings 20.75 11.93

22 | Consolidation 3525

23 | Dam 7 + Tailings 20.75 27.58

24 | Consolidation 3830

25 | Steady-flow calculation

26 | Dam 8 + Tailings 23.10 36.80

27 | Consolidation 4135

28 | Steady-flow calculation

29 | Dam 9 + Tailings 24.10 34.10

30 | Consolidation 6600

31 | Steady-flow calculation

32 | Dam 10 + Tailings 25.35 30.50

33 | Consolidation 7300

34 | Steady-flow calculation

35 |Dam 11 + Tailings 26.60 27.00

Table 6.4 Basic soil geotechnical properties
Name Densigy Young’s modulus | Poisson’s ratio | Porosity | Permeability k& K
(kg/m”) E (Pa) v n (m/day) 0

Tailings 3100 3e6 0.3 0.5 1.555e-3 -
Rockfill | 2000 4e7 0.3 0.5 1.555e-3 -
Red clay | 2000 4e7 0.3 0.2 0.0 -
Alluvium | 2000 2e7 0.3 0.5 1.555e-3 0.426
Blue clay | 2100 4e7 0.3 0.35 1.555e-6 1.0

The basic soil parameters shown in Table 6.4. are the same as those adopted by Gens
& Alonso (2006). Mohr-Coulomb model is applied to tailings, rock fill, red clay and
alluvium in all analyses and the model parameters are given in Table 6.5.

Table 6.5 Soil models and parameters

, c | ¢ |y
Material |Model type
P (kPa) (0) (0)
Tailings Mohr 1 37 0
Rockfill Mohr 10 50 0
Red clay Mohr 10 | 50 0
Alluvium Mohr 1 35 0

Section 6.3 has presented the strength parameters for blue clay mass (Table 6.1). The
plastic shear strain threshold values (y,, 7, and y,) may be also acquired from

direct shear test (Fig. 2.20). It should be noted that the equivalent FLAC plastic shear
strain is half of that calculated from direct shear test results.

199




00¢

PLI3 A[OYAA 1T°9 “S1

pLI3 [enruy (079 *S1q

a4nJIvf wop 4v]jooPUZY 0 SISAIpup 2a1sudya.1duio) 9 42jdvy)




10¢

sdnou3 uonoNIISu0d pue [BLIDIBIA 779 "SI

N[ wpp An]]02IPUZY JO SISAIpup da1sUdY2.4duio)) g 423dpy")




@ Chapter 6 Comprehensive analysis of Aznalcollar dam failure

6.5.2 Two hypotheses of numerical simulation

6.5.2.1 Inhomogeneous hypothesis

As described in Section 6.3, the sliding plane could have followed a bedding plane
could be also an indication that the strength of the clay formation was not
homogeneous. Some initial ‘damage’ was probably present in the bedding planes. The
striated surfaces discovered in some of the boreholes and outcrops also favor this
interpretation. Therefore a reduced available initial strength along bedding planes and
the mechanisms of progressive failure are two factors that probably contributed to a
reduction of the available mean strength of the clay to resist the driving forces
induced by dam and tailings.

The stability analysis performed (finite elements) (Gens & Alonso, 2006) also
suggested that some strength loss was initially present along the bedding planes. As
suggested by the interpretation given to the results of drained direct shear strength
tests (Alonso & Gens, 2006a), the effective cohesive term of the strength of bedding
plane is lost first. Thereafter, the failure surface along critical bedding plane behaves
as a frictional contact whose friction coefficient reduces towards an ultimate residual
value when the clay structure along the critical bedding plane is oriented in the
direction of sliding. Therefore, Gens & Alonso (2006) argued that, if the failure
initiated along a bedding plane, the post-rupture strength may be more relevant as the
initial strength of the material. So in the numerical modelling, the post-rupture
strength may be applied to the critical bedding plane as an initial value.

In this hypothesis, inhomogeneous blue clay mass combined with a weak clay layer is
considered. The two-stage softening model is adopted for the intact clay mass and
one-stage softening model for the weak clay layer where the post-rupture strength is
assumed to be the initial peak strength.

6.5.2.2 Homogeneous hypothesis

In the second hypothesis, Guadalquivir blue clay is considered as completely
homogeneous medium modelled by two-stage strain-softening model with more rapid
strain-softening rates.

6.5.3 Analysis with inhomogeneous hypothesis

In this section, analysis L is denoted as the one with inhomogeneous hypothesis. The
model parameters (shown in Table 6.6 and Table 6.7) adopted in analysis L were
obtained from direct shear test and the same plastic shear strains were applied to the
elements in the numerical model.

In analysis L, the intact clay mass was modelled with two-stage strain-softening
model expressing the softening process from peak state through post-rupture strength
to ultimate residual condition. The peak, post-rupture and residual strengths with the
corresponding plastic shear strain limits are given in Table 6.6. It is noted that y,, is
very small compared with y, indicating the rapid loss of strength from peak value to
post-rupture one.

The softening relationships of cohesion and friction angle with plastic shear strain for
blue clay mass and weak layer are plotted in Fig. 6.23-Fig. 6.26.
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Table 6.6 Shear strength parameters and plastic shear strain limits for blue clay mass

Peak state

¢, =65kPa, ¢, =24°, 7, =0

Post-rupture state

¢, =5kPa, ¢, =22°, 7, =0.005

Residual state

c, =0kPa, ¢ =11°, y. =0.135

Table 6.7 Shear strength parameters and plastic shear strain limits for weak layer

Initial strength

c; = 5kPa, ¢:D =22°,7,=0

Final residual state

¢ =0kPa, ¢ =11°, y, =0.130
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Fig. 6.23 Softening of cohesion with plastic shear strain for blue clay mass
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Fig. 6.24 Softening of friction angle with plastic shear strain for blue clay mass
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Fig. 6.25 Softening of cohesion with plastic shear strain for weak layer
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Fig. 6.26 Softening of friction angle with plastic shear strain for weak layer

A thin weak layer (Fig. 6.27) was set at depth 10m from the top of Guadalquivir blue
clay mass to simulate the critical bedding plane. As described above, the strength of
the bedding plane is smaller than peak value and the post-rupture strength can be
considered as the initial strength of the weak layer. The one-stage strain-softening
model was used indicating the strength loss from the post-rupture value to the residual
one. The relevant model parameters are shown in Table 6.7.

Fig. 6.27 Position of weak clay layer in the numerical model
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Fig. 6.28 Stress displacement relationship adopted for intact clay mass and weak layer

Fig. 6.28 shows the stress displacement relationship adopted for intact clay mass and
weak layer across 1 m thick layer which corresponds to the typical model mesh size
(Imx1m). This relationship is calculated via the procedure presented in Appendix IV.

6.5.3.1 Description of pre-failure, initial failure and post-failure phases

General dam failure is indicated by calculation without convergence in FLAC using
solve command. This also implies that no equilibrium will be reached and the
calculation will not stop once initial failure initiates. However, there is another option
(step command) in FLAC through which detailed post-failure evolution information
can be extracted.

The modelling phases have been stated in Table 6.3. In analysis L, the initial failure is
defined at phase 35 with 3000 steps calculation after phase 34 and denoted as phase
35P1 with total step number equal to 939103. The post-failure phases are defined and
presented in Table 6.8 together with the step number of calculation. The final post-
failure modelling terminates at phase 35P11 with total step number as 1018000.

Table 6.8 Modelling step of pre-failure, initial failure and post-failure phases

Phase No. | Step number
6 24838
9 119986
12 247662
15 363744
18 455798
21 543491
23 587500
26 649650
29 862710
32 915875

35P1 939103
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35P2 950656
35P3 955656
35p4 973000
35P5 984000
35P6 994000
35P7 997000
35P8 1003000
35P9 1006000
35P10 1010000
35P11 1018000

6.5.3.2 Development of shear strain rate and shear strain increment

As seen in Fig. 6.29, the shear strain rate development of Aznalcollar dam failure
demonstrates well the progressive failure process from the beginning of initial failure
at phase 35P1. Moreover, shear strain increment development of Aznalcdllar dam
failure (see Fig. 6.30) indicates that the shear strain concentration became gradually
evident only at the final failure phases.

Phase 34 just before final construction phase 35

Phase 35P1

Phase 35P2

Phase 35P5
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Phase 35P7

Phase 35P8

Phase 35P9

Phase 35P11

Fig. 6.29 Shear strain rate development of Aznalcéllar dam failure
Phase 35P5

Phase 35P6

Phase 35P7
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Phase 35P8

Phase 35P9

Phase 35P10

Phase 35P11

Fig. 6.30 Shear strain increment development of Aznalcéllar dam failure

In Fig. 6.29 and Fig. 6.30, the failure initiated at first in softening zones at the
downstream close to the toe and at the horizontal weak layer part beneath the
downstream dam toe. Then the failure extended toward the upstream along the
horizontal weak layer. At the same time, failure turned up at softening zones
surrounding the toe of the diaphragm wall. Afterwards the two parts were joined
together and a continuous failure surface formed.

The mechanism is naturally the same as that inferred from the development of plastic
zones but it is evident that shear strain rate is more suitable for capturing the
progressive failure mechanism.

6.5.3.3 Development of velocity and total displacement

The velocity development (i.e. the equivalent of displacement increment) of
Aznalcollar dam failure shown in Fig. 6.31 also illustrates the whole process of the
formation of a continuous slip surface.
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Fig. 6.31 Velocity development of Aznalcéllar dam failure
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Fig. 6.32 shows the total displacement development of Aznalcollar dam failure. The
large displacement is obvious at failure stage. By comparison of Fig. 6.31, the
velocity describes better the progressive failure process than total displacement.

Phase 34 just before final construction phase 35

Phase 35P8 with max vector=1.861
YT o

7 WA y
VAVA A A

! ] THT .,

Phase 35P10 with max vector=3.079

AN

Phase 35P11 with max vector=5.881

I

|

’ ; N

Fig. 6.32 Total displacement development of Aznalcéllar dam failure

The position of the slip surface of Aznalcéllar dam failure can be determined directly
from Fig. 6.33. This figure also implies that Aznalcollar dam failed as a rigid-body
with the dam moving on the slip surface once the slip surface became continuous one.
This is consistent with the viewpoint of Alonso & Gens (2006b).

X-displacement
0.00E+00
1.00E+00
2.00E+00
3.00E+00
4.00E+00
5.00E+00

Fig. 6.33 Horizontal displacement at phase 35P11

Fig. 6.34 shows the deformed grid at final failure including the passive wedge
developed at the downstream toe of dam embankment and a classic upstream active
wedge. The rupture mechanism identified in terms of the mesh deformation (Fig. 6.34)
is also similar to the actual failure mechanism described by Alonso & Gens (2006).
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6.5.3.4 Development of maximum unbalanced force

The maximum unbalanced force vs. step curve shown in Fig. 6.35 clearly illustrates
the process of dam construction over 11 stages as indicated by the spikes in the plot. It
is interesting to discover that the maximum unbalanced force rose up to small
amounts at the beginning (step=939103) of final dam construction stage, thereafter
reduced to a very small value and then increased rapidly to a large value from
step=1010000. The maximum value is reached approximately at step=1013000. This
implies that the failure development was gradual during the initial period from
step=939103 and the dam deformed slowly. Afterwards the dam failure accelerated
with large deformations. This agrees with the displacement development seen in Fig.
6.32. From this point of view, the development mode of Aznalcdllar dam failure is, to
some extent, similar to that of delayed progressive failure in stiff clays (see Section
5.3).
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Fig. 6.35 Maximum unbalanced force vs. step till phase 35P11

6.5.3.5 Development of pore water pressure

Fig. 6.36 shows pore water pressure development for the Aznalcéllar dam case. The
pore water pressure increased with dam construction. Before final construction (Phase
12-32), the pore water pressure had a similar distribution shape. But after failure
began (Phase 35P1-35P11), the distribution shape changed with the development of a
continuous slip surface. The distribution of pore water pressure close to the slip
surface was irregular and curved.
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Fig. 6.36 Pore water pressure development of Aznalcéllar dam failure

6.5.3.6 Development of strength parameters in softening clays

Fig. 6.37 shows the development of accumulated plastic shear strain of Aznalcdllar
dam failure in blue clay mass and weak layer for which the softening model was used.

Phase 21
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Fig. 6.37 Development of accumulated plastic shear strain of Aznalcéllar dam failure
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In the model, the accumulated plastic shear strain is related to the softening of shear
strength parameters and thus capable of capturing the progressive failure process. It
can be seen in Fig. 6.37 that the development of slip surface in the blue clay mass and
weak layer is in agreement with that observed in Fig. 6.29-Fig. 6.30.

Fig. 6.38 shows the evolution of cohesion in the Aznalcdllar dam failure. Fig. 6.39
presents the evolution of friction angle in the Aznalcéllar dam failure. From Fig. 6.38
and Fig. 6.39, it can be seen that both the cohesion softening and friction angle
degradation accord with the development of accumulated plastic shear strains.

Initial cohesion

cohesion
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Fig. 6.38 Evolution of cohesion in Aznalcéllar dam failure (Contour interval=1.5 kPa)
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Fig. 6.39 Evolution of friction angle in Aznalcéllar dam failure (Contour interval=1.5°)
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Fig. 6.38 shows the evolution of cohesion in the Aznalcdllar dam failure. Fig. 6.39
presents the evolution of friction angle in the Aznalcéllar dam failure. From Fig. 6.38
and Fig. 6.39, it can be seen that both the cohesion softening and friction angle
degradation accord with the development of accumulated plastic shear strains.

6.5.3.7 Geometry of slip surface

x Plasticity points
Final slip surface

Elevation H (m)
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Horizontal distance (m)
Fig. 6.40 Final slip surface predicted according to plasticity points

The position of final slip surface predicted by FLAC can be seen in Fig. 6.40, Fig.
6.41 and Fig. 6.42. The predicted slip surface is consistent with results of shear strain
increment (Fig. 6.30), shear strain rate (Fig. 6.29), velocity (Fig. 6.31), horizontal
displacement (Fig. 6.33) and mobilised strength parameters (Fig. 6.38 and Fig. 6.39).
In fact, the dam failed along a shear zone (as seen in Fig. 6.40) and the slip surface is
just a representative position of the sheared zone.

Fig. 6.42 also indicates that the slip surface obtained from this model is similar to
those derived from previous FEM and LEM calculations. It is also similar to the
failure surface calculated in Gens and Alonso (2006).
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Fig. 6.41 Slip surface obtained directly from plasticity points
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Fig. 6.42 Slip surface: comparison of FLAC, FEM, LEM and field borings
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6.5.3.8 Post-failure evolution of representative horizontal displacements

Fig. 6.43 shows the slip surface and representative points such as F, G and H on the
downstream dam embankment. It can be seen in Fig. 6.44 that the deformation of
these points developed gradually first and then increased suddenly to very large
values when the final slip surface formed completely. This sudden post-failure
acceleration of deformation suggests that the in-situ monitoring of deformation may
not be useful to anticipate the dam failure, which has also been demonstrated in the
delayed collapse in stiff clays (Potts et al. 1997).
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Fig. 6.44 Horizontal displacement development along downstream dam embankment
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6.5.3.9 Representative model results along profile A-E

Fig. 6.43 also shows the location of a profile A-E. The five points A-E under the
upstream embankment, the embankment body and the downstream embankment are
the same as those examined by Gens and Alonso (2006). The development of pore
pressure at points (A-E) is illustrated in Fig. 6.45 and exhibits a similar tendency as
that presented by Gens and Alonso (2006). This figure also reveals the very limited
dissipation of pore water pressure that took place during construction because of the
very low permeability of the clay foundation. The magnitude of the pore water
pressure development is mainly controlled by the weight above each point.

Pore pressure (kPa)

0 5 10 15 20
Time (years)

Fig. 6.45 Development of pore pressure at points (A-E) along profile ABCDE

Fig. 6.46 shows the distribution of pore pressure just at failure along profile A-E. In
this figure the results calculated by FEM and simplified elastic-consolidation analyses
are also given (Gens & Alonso 2006). The comparison indicates that the prediction
with the present model agrees well with those results.
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Fig. 6.46 Distribution of pore pressure just at failure along profile A-E at elevation=30.5:
comparison of the present model, FEM and simplified elastic-consolidation analyses

Fig. 6.47 shows the evolution of post-failure of pore pressure distribution along
profile A-E. It can be seen that there is an obvious change of pore pressure
distribution along profile A-E at locations beneath the upstream toe and downstream
toe.
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Fig. 6.47 Post-failure evolution of pore pressure distribution along profile A-E

6.5.3.10 Representative model results along slip surface

Besides the descriptive results along profile A-E, the typical behaviour along the slip
surface is also necessary to demonstrate the progressive failure process. Fig. 6.48
shows the locations of representative points I-P along slip surface.
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Elevation H (m)

VX T ™ No P
Final slip surface

Representative points on slip surface

-200

I
-135

I
-70

I
-5

I
60

I
125

I
190

255

320

Horizontal distance (m)

Fig. 6.48 Representative points I-P along slip surface

6.5.3.10.1 Development of deformation and pore pressure of points I-P

Fig. 6.49 presents the development of horizontal displacements of points I-P. The
increase of horizontal displacement corresponds to the staged loading of dam and
tailings.

Fig. 6.50 shows the development of pore water pressure of points I-P exhibiting a
similar development tendency and indicates the very limited dissipation of pore water
pressure as shown in Fig. 6.45 and in Gens and Alonso (2006). The magnitude of the
pore water pressure development is in accordance with the added weight above the
points I-P.

Horizontal displacement (m)

Time (year)

Fig. 6.49 Development of horizontal displacements of points I-P
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Fig. 6.50 Development of pore water pressure of points I-P

6.5.3.10.2 Indication of initial and final failure

The developments of horizontal velocity and shear strain rate of points I-P till failure
(step=939103) are shown in Fig. 6.51 and Fig. 6.52. The initiation of failure is clearly
demonstrated by the sudden increase of both horizontal velocity and shear strain rate.

Fig. 6.53 shows the development of shear strain increment of points I-P till final
failure (step=1018000). It can be seen that the shear strain increment did not
accelerate just at failure (step=939103) but increased rapidly from step=1013000.
This is consistent with Fig. 6.44 and Fig. 6.35.

Fig. 6.49-Fig. 6.53 imply that the velocity and shear strain rate can capture the
initiation of failure whereas the displacement and shear strain increment could be used
to indicate final failure with the complete formation of slip surface. This view can also
be noted in Fig. 6.29-Fig. 6.32 and Fig. 6.37-Fig. 6.39.
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Fig. 6.51 Development of horizontal velocity of points I-P till failure (step=939103)
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Fig. 6.52 Development of shear strain rate of points I-P till failure (step=939103)
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Fig. 6.53 Development of shear strain increment of points I-P till final failure

6.5.3.10.3 Stress path and variation of strength parameters at points I-P

Fig. 6.54-Fig. 6.61 show the stress paths of points I-P along slip surface. The
softening model with peak, post-rupture and residual strength parameters for clay
mass (Table 6.6) is operational at points I, J and P, whereas the softening model with
only post-rupture and residual strength parameters for the weak clay layer (Table 6.7)
is used at points K, L, M, N and O. In this case, the post-rupture strength is in fact the
peak strength.
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Fig. 6.54 Stress path of point I
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Fig. 6.56 Stress path of point K
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Fig. 6.57 Stress path of point L
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Fig. 6.60 Stress path of point O

At point I, the stress point firstly rises to nearly the peak envelope, then decreases to
the post-rupture envelope at failure and afterwards reaches a stress state between the
post-rupture and the residual envelopes at final failure. However, the final stress state
at point P is close to the residual envelope and at point J it has arrived at residual
envelope. These can also be confirmed further by observing Fig. 6.62, Fig. 6.63, Fig.
6.69, Fig. 6.70, Fig. 6.71 and Fig. 6.77.
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Fig. 6.61 Stress path of point P

The initial strength at points K, L, M, N and O is equal to the post-rupture strength.
Fig. 6.56-Fig. 6.60 demonstrate that the stress states at points K, L, M, N and O at
first get to the post-rupture envelope and afterwards lie on the residual envelope at
final failure state except that the final stress point is below residual envelope at point
O. This can be explained clearly in Fig. 6.64-Fig. 6.68 and Fig. 6.72-Fig. 6.76. The
corresponding values of cohesion and friction angle at points K, L, M, N and O have
all mobilised to residual values at final failure.
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Fig. 6.65 Cohesion variation with e_plastic of point L
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Fig. 6.69 Cohesion variation with e_plastic of point P
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Fig. 6.71 Variation of friction angle with e_plastic of point J

231




Chapter 6 Comprehensive analysis of Aznalcollar dam failure

All phases before 23
22 —%26, 29 and 32
—\35 initial failure at step=939103

21 —
20 —

X End mark of each phase

Friction angle (°)
|

35 final failure
at step=1018000

\ \ \ T 177
0 0.1 0.2 03 0.4 0.5 06 0.7

Accumulated plastic shear strain (e_plastic)

Fig. 6.72 Variation of friction angle with e_plastic of point K

All phases before 18

21,23,26,29,32 and
21 —1\ 35 initial failureat step=939103

X End mark of each phase

Friction angle (°)

35 final failure
at step=1018000

L L L B L
0.2 03 04 05 06 07 08

Accumulated plastic shear strain (e_plastic)
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Fig. 6.74 Variation of friction angle with e_plastic of point M
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Fig. 6.75 Variation of friction angle with e_plastic of point N
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Fig. 6.77 Variation of friction angle with e plastic of point P

6.5.3.10.4 Development of shear stress, horizontal displacement, residual
factor and brittleness index with shear strain at representative
points—J, L, N and P

Fig. 6.78-Fig. 6.81 show the curves of shear stress versus shear strain at points J, L, N
and P. The shear stress increased firstly and then decreased till residual value. At
points J and P, the decrease of shear stress exhibited a two-stage softening feature. At
initial failure (step=939103), shear stress at point J was close to the peak value (Fig.
6.78) whereas at point P it arrived approximately at post-rupture value (Fig. 6.79). At
points L and N, only one-stage softening of shear stress occurred although the curve at
point N is wavy. It is evident that at initial failure the shear stress at point L reached
almost peak value (Fig. 6.80) while the value at point P has arrived at residual value
(Fig. 6.81).
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Fig. 6.79 Shear stress vs. shear strain at point L
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Fig. 6.81 Shear stress vs. shear strain at point P

Fig. 6.82-Fig. 6.85 show the curves of horizontal displacement versus shear strain at
points J, L, N and P. As failure initiated and developed, horizontal displacement
reached a constant value with shear strain at points J, L, N and P.
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Fig. 6.82 Horizontal displacement vs. shear strain at point J
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Fig. 6.83 Horizontal displacement vs. shear strain at point L
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Fig. 6.84 Horizontal displacement vs. shear strain at point N
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Fig. 6.85 Horizontal displacement vs. shear strain at point P

Fig. 6.86-Fig. 6.89 and Fig. 6.90-Fig. 6.93 show the evolution of both residual factor
R and brittleness index /B with shear strain. These figures exhibit similar two-stage
softening for points J and P and one-stage softening for points L and N. Especially for
point N, the one-stage softening characteristic is much more obvious than that shown
in shear stress versus shear strain curve which is wavy.

For points J and P, R initially decreased to a small minimum value and then rose up
till residual state. At points L and N, R got to zero and then reached 1.0 at residual
state. /B versus shear strain curves exhibit similar tendencies.
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In these figures the residual factor and brittleness index is also shown by taking the
shear stress equal to the value calculated with post-rupture strength parameters. For
points J and P, these values correspond to the post-rupture one whereas they are zero
for points L and N with the initial strength equal to the post-rupture strength.
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Fig. 6.86 Residual factor vs. shear strain at point J
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Fig. 6.87 Residual factor vs. shear strain at point L
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Fig. 6.90 Brittleness index vs. shear strain at point J
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Fig. 6.93 Brittleness index vs. shear strain at point P
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6.5.3.10.5 Results along slip surface (I-P) in average sense

Fig. 6.94 shows the pre-failure development of average stress ratio 7/ o, along slip
surface and Fig. 6.95 presents the pre-failure development of equivalent mobilised
friction angle (¢ =arctan(z/ o) ). Both figures exhibit an initial increasing part till

phase 21 and a stable part from phase 21 to initial failure. The average stress ratio
increased from 0.1075 to 0.405. The corresponding values for equivalent mobilised
friction angle are about 6.1° and 22.05°.
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Fig. 6.94 Pre-failure development of average stress ratio along slip surface

24 —
P21 P26

P35

P29 Ltinitial failure

Equivalent mobilised friction angle (°)

4
\ \ \ \ \

0 20 40 60 80 100
Step (10%)

Fig. 6.95 Pre-failure development of equivalent mobilised friction angle
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Fig. 6.96 Post-failure development of average stress ratio along slip surface

Fig. 6.96 shows the post-failure development of average stress ratio 7 /o, along slip
surface and Fig. 6.97 presents the post-failure development of equivalent mobilised
friction angle (¢ = arctan(z / &,)). Both figures exhibit a rapid decreasing part from

step=997000. The average stress ratio reduced from 0.405 at the beginning of failure
(step=939103) to 0.29 at the final failure (step=1018000). The corresponding values
for equivalent mobilised friction angle are about 22.05° and 16.2°.

Fig. 6.94 also presents the average mobilised shear strength along the failure surface.
It is apparent that the actual resistant shear stress is higher than the mobilised shear
strength until reaching phase 35 at initial failure. After that they are almost identical.
Fig. 6.94-Fig. 6.97 also indicate that the average stress ratio 7 /o, along slip surface

and the equivalent mobilised friction angle increased before initial failure and
decreased after initial failure till final failure.

Fig. 6.98 shows the pre-failure development of average residual factor defined by Eq.
(1.3). The residual factor reduced from 1.15 to 0.51 at initial failure.

Fig. 6.99 shows the post-failure development of average residual factor. The residual
factor at initial failure (step=939103) is about 0.51 which agrees with the value of
residual factor at failure calculated by Gens and Alonso (2006).
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Fig. 6.97 Post-failure development of equivalent mobilised friction angle
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Fig. 6.98 Pre-failure development of average residual factor

Fig. 6.99 also shows the sudden change from step=997000 as indicated by Fig. 6.96
and Fig. 6.97. The residual factor augmented from 0.51 at the beginning of failure to
0.78 at the final failure (step=1018000). This implies that the shear stress is getting to

the residual value according to Eq. (1.3).
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Fig. 6.99 Post-failure development of average residual factor

Fig. 6.100 shows the pre-failure development of average brittleness along slip surface
which is calculated by Eq. (2.6) using average shear stresses for peak and mobilised
values. This curve exhibits similar tendency as that shown in Fig. 6.98. The average
brittleness decreased from 0.86 to 0.35 till initial failure. The initial value of average
brittleness is close to that shown in Fig. 6.10 and Fig. 6.11.

Fig. 6.101 shows the post-failure development of average brittleness along the slip
surface. This curve exhibits a similar tendency as that shown in Fig. 6.99. The average
brittleness increased from 0.35 at the beginning of failure to 0.53 at final failure due to
the reduction of shear stress along slip surface.
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Fig. 6.100 Pre-failure development of average brittleness along slip surface
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Fig. 6.101 Post-failure development of average brittleness along slip surface

Fig. 6.102 shows the pre-failure development of average pore pressure ratio along slip
surface. It can be seen that the average pore pressure ratio increased firstly from 0.45
to 0.56 at phase 26 and then decreased to 0.5087 at initial failure.
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Fig. 6.102 Pre-failure development of average pore pressure ratio along slip surface

Fig. 6.103 shows both the pre-failure and post-failure development of average stress
condition along the slip surface. At the same time, also shown in Fig. 6.103 are the
corresponding shear strength stress envelopes at peak, post-rupture and residual states

under effective normal stress o, .

In fact, Fig. 6.103 provides the average stress path along the slip surface. Fig. 6.103
indicates that the average shear stress augmented from the first loading phase to the
initial failure and then diminished till final failure. At the beginning of failure, the
stress points were very close to the post-rupture strength envelope. Afterwards, the
average shear stress along the slip surface reduced nearly vertically with very little
change in effective normal stress.
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Fig. 6.103 Development of average stress condition along slip surface

Fig. 6.104 and Fig. 6.105 show the pre-failure distribution of current shear stress
along the failure surface below dam embankment at phase 23 (step=587500) and
phase 26 (step=649650). In these figures the peak, post-rupture, residual and current
strength values calculated via Eq. (5.3) with the corresponding strength parameters are
also shown. It can be seen that the value of shear stress is intermediate between peak

and residual values.
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Fig. 6.105 Distribution of shear stress along failure surface at phase 26 (Step=649650)

Fig. 6.106 presents the distribution of current shear stress along failure surface below
the dam embankment just at failure (step=939103). The corresponding distribution of
shear strength at current, peak, post-rupture and residual states under relevant
effective normal stress o, are also shown in Fig. 6.106. It can be seen that the value

of shear stress is intermediate between the peak and residual values and very close to
the value obtained using post-rupture strength parameters.

Fig. 6.103 and Fig. 6.106 prove that the average shear strength at failure is close to the
post-rupture value.
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Fig. 6.106 Distribution of shear stress along failure surface at initial failure phase
(step=939103)

Fig. 6.107 shows the distribution of current shear stress along failure surface at final
failure (step=1018000). It is evident that the current shear stress is almost the same as
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that calculated with residual strength parameters, which confirms further the
mechanism of progressive failure of Aznalcollar dam. This mechanism is also
demonstrated by Fig. 6.108-Fig. 6.115 which show the cohesion and friction angle
distribution along slip surface at pre-failure stage and post-failure stage. The cohesion
and friction along most of the slip surface were equal or close to the relevant post-
rupture values just at failure and reached the residual values at final failure.
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Fig. 6.107 Distribution of shear stress along failure surface at final failure phase
(step=1018000)
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Fig. 6.108 Cohesion distribution along slip surface at phase 23 (step=587500)
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Fig. 6.109 Cohesion distribution along slip surface at phase 26 (step=649650)
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Fig. 6.110 Cohesion distribution along slip surface at initial failure phase (step=939103)
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Fig. 6.111 Cohesion distribution along slip surface at final failure phase (step=1018000)
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Fig. 6.112 Friction distribution along slip surface at phase 23 (step=587500)
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Fig. 6.113 Friction distribution along slip surface at phase 26 (step=649650)
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Fig. 6.114 Friction distribution along slip surface at initial failure phase (step=939103)
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Fig. 6.115 Friction distribution along slip surface at final failure phase (step=1018000)

Fig. 6.116 shows the development of shear stress along the failure surface from phase
23 to final failure. It can be seen from Fig. 6.116 that the current shear stress increased
at pre-failure stage till initial failure and then reduced during the post-failure stage till
reaching the residual value.
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Fig. 6.116 Shear stress development along failure surface from phase 23 to final failure

6.5.3.11 Verification of position of failure surface

The Aznalcoéllar dam failure occurred along the critical plane located at 10m depth
below the top of blue clay stratum which has been confirmed by the simulations
presented above. However, in these analyses only a weak layer at a depth
approximately the same as that observed in the real failure was considered. In order to
verify further the position of slip surface and shed light on the significance of location
of the critical plane, a series of simulations with different settings of weak layers (seen
in Fig. 6.117) are presented in this section. Table 6.9 and Table 6.10 show the model
type, strength parameters and the combinations of weak layer settings. All the
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modelling procedures and the model types for tailings, rockfill, red clay and alluvium
are the same as those shown in Table 6.5. The strength parameters for both clay mass
and weak layer in all the analyses except analysis O2 are the same as those used in
analysis L. In Table 6.10, the zero elevation reference is set to be the model base and
the elevation y=30.5 is the real position of failure surface.

As shown in Table 6.10, the analyses are divided into two groups—N1-N4 with a
single weak layer and O1-O2-P with 5 weak layers.

Table 6.9 Model types and strength parameters

Model c c c | o o,

Material Model |7, | 7, V. P pr r P | 7p ¢r 4

No. (kPa)| (kPa) | (kPa) | () | () [() | )

Blue clay with . SS(clay) | 0.0 |0.005| 0.135 | 65 5 0 |24|22|11]| 0
kl

weak fayer SS(weak) [0.0| - |[0.130 | 5 - 0 |22| - |11] 0

Blue clay with ) SS(clay) [0.0{0.001(0.1058| 65 5 0 |24|22]11] 0

weak layer SS(weak) |0.0| - [0.1048| 5 | - | 0 [22] - [11] 0

Table 6.10 Analysis summary with different combinations of weak layer setting

Analysis| Model of | Number of Elevations of weak layers Failure condition
No. | blueclay | weak layer
N1 1 1 y1=35.5 No failure
N2 1 1 y1=32.5 No failure
N3 1 1 y1=28.5 No failure
N4 1 1 y1=25.5 No failure
01 1 5 y1=35.5 y2=30.5 y3=25.5 y4=20.5 y5=14.6 No failure
_ _ _ _ _ Failure at phase 35
02 2 5 y1=35.5 y2=30.5 y3=25.5 y4=20.5 y5=14.6 along y1=30.5
_ _ _ _ _ Failure at phase 35
P 1 5 y1=30.5 y2=25.5 y3=20.5 y4=14.6 y5=9.4 along y1=30.5
N1
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Fig. 6.117 Positions of weak layers and material groups

6.5.3.11.1 Analysis results with a single weak layer

Four analyses N1-N4 are performed with only one weak layer which is 5 m or 2 m
above or below the weak layer at y=30.5 m (seen in Fig. 6.117) with the same
strength parameters used in analysis L. It can be seen from Fig. 6.118-Fig. 6.119 that
no failure happened in these four cases suggesting that the y=30.5 m is indeed a
critical plane location.
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6.5.3.11.2 Analysis results with 5 weak layers

In analyses O1 and O2, additional weak layers are set both above and below the one at
y=30.5 m which is the weak layer position set in analysis L. The weak layer interval is
about Sm.

In analysis O1, no failure occurred at the final phase and can be explained from Fig.
6.118-Fig. 6.119 showing the color contours of shear strain rate and accumulated
plastic shear strain. In spite of this, the mobilisation along weak layer and in clay mass
still occurred but did not reach the degree required to cause a general collapse. It is
interesting to find that failure will not occur if a weak layer above the one at y=30.5 m
is set with same strength parameters as those applied in analysis L. This is probably
because the deformation or localisation concentrated only in the weak layer at y=30.5
m in analysis L whereas in analysis O1 deformation was distributed mainly in both
the weak layer at y=30.5 m and the one above it, which would apparently reduce the
degree of mobilisation along the weak layer at y=30.5 m. Therefore failure did not
occur in this case.

Although general failure did not occur in analysis O1, the failure would happen if the
softening rate of strength parameters were set to larger values. Analysis O2 was
performed by setting an appropriate softening rate and failure occurred at the weak
layer at y=30.5m which is the same as that in analysis L.

In analysis P, weak layers are only placed below the one at y=30.5 m which is the
weak layer position set in analysis L. Weak layer intervals of 10 m, 5 m and 2 m are
applied individually (seen in Fig. 6.117). In this modelling, failure occurred at the
final phase along the weak layer y=30.5 m which can be observed clearly in Fig.
6.118-Fig. 6.119.

Overall, the results of analyses N1-N4, O1-O2 and P demonstrate that a plane located
approximately at y=30.5m is the most likely location for the critical weak structure in
the Guadalquivir blue clay mass involved in the Aznalcéllar dam failure.
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Fig. 6.118 Shear strain rate at the end of simulation
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Fig. 6.119 Accumulated plastic shear strain at the end of simulation
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6.5.4 Analysis with homogeneous hypothesis

In this section, a homogeneous clay mass hypothesis is proposed in analysis M. The
corresponding model parameters (shown in Table 6.11) adopted in analysis M were
obtained from direct shear test and the same shear displacements were applied to the
elements in the numerical model. In analysis M, the clay mass was modelled with
two-stage strain-softening model with the same peak, post-rupture and residual
strengths but with a more rapid softening rate.

Table 6.11 Shear strength parameters and plastic shear strain limits for blue clay mass

Peak state Clp = 65kPa, ¢p =24°,y7,=0

Post-rupture state Clpr = 5kPa, ¢[;r =22°,y, =0.00018
Residual state ¢, =0kPa, ¢ =11°, . =0.0035

The softening relationships of cohesion and friction angle with plastic shear strain for
blue clay mass are plotted in Fig. 6.120 and Fig. 6.121.

The material groups of the numerical model are shown in Fig. 6.122 in which the blue
clay mass is now assumed to be homogeneous.
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Fig. 6.120 Softening of cohesion with plastic shear strain for blue clay mass
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Fig. 6.121 Softening of friction angle with plastic shear strain for blue clay mass

Fig. 6.122 Material groups in numerical model
In analysis M, the total step number for each modelling phase is stated in Table 6.12.
Table 6.12 Modelling step of pre-failure, initial failure and post-failure phases

Phase No. | Total step number
6 23709
9 118139
12 254553
15 389506
18 484348
21 587382
23 629502
26 689858
29 927937
32 986548
34 1010304

35P1 1013304
35P2 1016304
35P3 1018304
35P4 1020304
35P5 1026857
35P6 1032857
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6.5.4.1 Development of shear strain rate and shear strain increment

As shown in Fig. 6.123, the shear strain rate development of Aznalcollar dam failure
demonstrates well the progressive failure process from the beginning of initial failure
at phase 35P1. Meanwhile, shear strain increment development of Aznalcéllar dam
failure (see Fig. 6.124) indicates that the shear strain concentration became gradually
evident only at the final failure phases.

Phase 34 just before final construction phase 35

Phase 35P1

Phase 35P2

Phase 35P3

Phase 35P4
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Fig. 6.123 Shear strain rate development of Aznalcéllar dam failure
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Phase 35P5

Phase 35P6

Fig. 6.124 Shear strain increment development of Aznalcoéllar dam failure

6.5.4.2 Development of velocity and total displacement

The velocity development (i.e. the equivalent of displacement increment) of
Aznalcollar dam failure shown in Fig. 6.125 also illustrates the process of the
formation of the continuous slip surface.

Fig. 6.126 shows the total displacement development of Aznalcéllar dam failure.

Phase 35P1

Phase 35P2

Phase 35P3
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Fig. 6.125 Velocity development of Aznalcéllar dam failure

Phase 35P4
Phase 35P5
Phase 35P6
Phase 35P1
Phase 35P2
Phase 35P3




Chapter 6 Comprehensive analysis of Aznalcollar dam failure

Phase 35P4
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Fig. 6.126 Total displacement development of Aznalcéllar dam failure

The position of the slip surface of Aznalcollar dam failure can be determined directly
from Fig. 6.127. Fig. 6.128 shows the deformed grid at final failure including the
passive wedge developed at the downstream toe of dam embankment and a classic
upstream active wedge.
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Fig. 6.127 Horizontal displacement at phase 35P6

E Grid Distortion
Magnification = 5.000E+00
Max Disp = 4.050E+00

t t t t t
t t t t t
f i i i i
)
i ! ! f
I I I I I
I I I I I
| | | | |
[ [ [ [ [

Fig. 6.128 Deformed grid with magnification=5

6.5.4.3 Development of pore water pressure

Fig. 6.129 shows the pore water pressure development for the Aznalcéllar dam case.
The pore water pressure increased with dam construction. Before final construction
(Phase 12-32), the pore water pressure had similar distribution mode as in previous
analyses.
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But after failure began (Phase 35P1-35P6), the distribution shape changed with
development of a continuous slip surface. The distribution of pore water pressure
close to the slip surface was irregular and curved.
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Fig. 6.129 Pore water pressure development of Aznalcéllar dam failure

6.5.4.4 Development of strength parameters in softening clays

Fig. 6.130 shows the development of accumulated plastic shear strain of Aznalcéllar
dam failure in blue clay mass for which the two-stage softening model was used.

Fig. 6.131 shows the evolution of cohesion in the Aznalcollar dam failure and Fig.
6.132 presents the evolution of friction angle in the Aznalcéllar dam failure. From Fig.
6.131 and Fig. 6.132, it can be seen that both the cohesion softening and friction angle
degradation accord with the development of accumulated plastic shear strains.
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Fig. 6.130 Development of accumulated plastic shear strain of Aznalcéllar dam failure
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Fig. 6.131 Evolution of cohesion in Aznalcéllar dam failure (Contour interval=5 kPa)
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Phase 21

Phase 34 just before final construction phase 35
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Phase 35P5

Fig. 6.132 Evolution of friction angle in Aznalcéllar dam failure (Contour interval=1.5°)

6.5.4.5 Geometry of slip surface

The representative position of final slip surface predicted by FLAC can be seen in Fig.
6.133, Fig. 6.134 and Fig. 6.135. The predicted slip surface is also consistent with
results of shear strain increment, shear strain rate, velocity, horizontal displacement
and mobilised strength parameters. Fig. 6.135 also indicates that the slip surface
obtained from this model is similar to those derived from previous FLAC (analysis L),
FEM and LEM calculations.
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Fig. 6.133 Final slip surface predicted according to plasticity points
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Fig. 6.134 Slip surface obtained directly from plasticity points
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Fig. 6.135 Slip surface: comparison of FLAC analyses L-M, FEM, LEM and field borings

6.5.4.6 Development of representative horizontal displacements

Fig. 6.136 shows the slip surface and representative points (F, G and H) on the
downstream dam embankment. As seen in Fig. 6.137, the deformation of these points
developed gradually and then increased drastically to very large values when the
failure initiated. This higher acceleration of deformation could be the result of quicker
softening rate.
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Fig. 6.136 Location of slip surface and representative points
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Fig. 6.137 Horizontal displacement development along downstream dam embankment
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6.5.4.7 Representative results along profile A-E

Fig. 6.136 also shows the location of profile A-E. The five points A-E under the
upstream embankment, the embankment and downstream embankment are 1m lower
than those in previous analysis L. The development of pore pressure at points (A-E) is
illustrated by Fig. 6.138 and exhibits a similar development tendency as that presented
in analysis L.

Fig. 6.139 shows the distribution of pore pressure just at failure along profile A-E.
Due to the lower position of profile A-E, the magnitude of the pore water pressure is a
little larger than those obtained in analysis L, FEM and LEM calculations.
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Fig. 6.138 Development of pore pressure at points (A-E) along profile ABCDE
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Fig. 6.139 Distribution of pore pressure just at failure along profile A-E
6.5.4.8 Representative results along slip surface

Fig. 6.140 shows the locations of representative points I-P along slip surface.
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Fig. 6.140 Representative points I-P along slip surface

6.5.4.8.1 Stress path and variation of strength parameters at points I-P

Fig. 6.141-Fig. 6.148 show the stress paths of points I-P along the slip surface in
which the clay mass follows the softening model with peak, post-rupture and residual
strength parameters of Table 6.6.

Generally, the shear stress rises firstly, then decreases gradually before the initiation
of failure and afterwards reduces drastically until reaching the residual envelope at
final failure.
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Fig. 6.143 Stress path of point K
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Fig. 6.145 Stress path of point M

275



Chapter 6 Comprehensive analysis of Aznalcollar dam failure

180 — Peak strength envelope
-1 —-===- Post-rupture strength envelope
] ————- Residual strength envelope
150 — Stress path of point N
B X End mark of each phase
i 35 initial failure
120 —| /at step=1013304
T‘: _ - -
o |
= _
o B
= 90 — -
v
60 7 N -
| Lx 07 35 final failure
| %\*; & - at step=1032857
1 PrEaaiig :
30 — O I o, sntg )
1o g sl
0 '\'7\\\‘\\\\‘\\\\‘\\\\‘\\\\‘\\\\‘
0 50 100 150 200 250 300
s=(0"+0')/2 (kPa)
Fig. 6.146 Stress path of point N
Peak strength envelope
200 7 - Post-rupture strength envelope
n —-—-——- Residual strength envelope
_ 150 1 Stress path of point O 35 initial failure
© ] X End mark of each phase wrat step=1013304
3 - 32 -7
w . -7
o 100 — -
s |
N 1 0 -
- _ s\f\\*’ 9 y =
1L | vy On” o~ I =
50 ( \ - 128 _—-
f c s\l e o sin(7), = 35 final failure
= T % -7 T—G_G S at step=1032857
0"—’\——\\\\\\‘\\\\‘\\\\‘\\\\‘\\\\‘\\\\‘
0 50 100 150 200 250 300 350
s=(c"+0')2 (kPa)
Fig. 6.147 Stress path of point O
Peak strength envelope
%0 —/ - -—-—--- Post-rupture strength envelope
-1 ————- Residual strength envelope
* Stress path of point P
N End mark of each phase
©
a 100 —
=3 N 26y 35 initial failure
o B at step=1013304
= g
% _
S B -
-~ 50 — o) - 15
Jl. \ “bP of _ -
s x0T 12 -
B o\ o Gl ) O ==
1 170~ 7 cosl@n Ll S 35 final failure
o ¥ T Ee 6! at step=1032857
O'T'\\\‘\\\\‘\\\\‘\\\\‘
0 50 00 150 200

s=(g'*+a',)/2 (kPa)
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6.5.4.8.2  Development of shear stress with shear strain at representative
points—J, L, O and P

Fig. 6.149-Fig. 6.152 show the curves of shear stress versus shear strain at points J, L,
O and P. The shear stress increased firstly and then decreased till residual value. The
decrease of shear stress exhibited a two-stage softening feature. At initial failure
(step=1013304), shear stress was close to the peak value.
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Fig. 6.149 Shear stress vs. shear strain at point J
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Fig. 6.150 Shear stress vs. shear strain at point L
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Fig. 6.151 Shear stress vs. shear strain at point O
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Fig. 6.152 Shear stress vs. shear strain at point P

6.5.4.8.3  Results along slip surface (I-P) in average sense

Fig. 6.153 shows the development of average stress ratio 7 /o, along slip surface and
Fig. 6.154 presents the development of equivalent mobilised friction angle
(¢ =arctan(z / ,) ). Both figures exhibit an initial increasing part till phase 21 and a

stable part from phase 21 to initial failure. The average stress ratio increased from
0.10 at phase 6 to 0.39 at initial failure and to 0.28 at final failure phase. The
corresponding values for equivalent mobilised friction angle are about 5.7°, 21.3° and
15.7° respectively.
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Fig. 6.154 Development of equivalent mobilised friction angle

Fig. 6.153 also presents the average mobilised shear strength along the failure surface.
It is evident that the actual resistant shear stress is higher than the mobilised shear
strength until reaching the phase 35P1 at initial failure. After that they are almost

identical. The average stress ratio 7/o, along slip surface and the equivalent

mobilised friction angle increased before initial failure and decreased after initial
failure till reaching final failure.
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Fig. 6.155 shows the development of average residual factor defined by Eq. (1.3). The
residual factor reduced from 1.17 to 0.53 at initial failure and then increased to 0.79 at
final failure.

Fig. 6.156 shows the development of average brittleness along slip surface which is
calculated from Eq. (2.6) using average shear stresses for peak and mobilised values.
This curve exhibits a similar tendency as that shown in Fig. 6.155. The average
brittleness decreased from 0.86 to 0.37 at initial failure and then increased to 0.55 at
final failure.
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Fig. 6.156 Development of average brittleness along slip surface

Fig. 6.157 shows the development of average pore pressure ratio along slip surface. It
can be seen that the average pore pressure ratio increased firstly from 0.45 to 0.59 at
phase 26 and then decreased to 0.50 at final failure.
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Fig. 6.158 shows the development of average stress path along the slip surface. Also
shown in Fig. 6.158 are the corresponding shear strength stress envelopes at peak,

post-rupture and residual states under relevant effective normal stress o, .

Fig. 6.158 indicates that the average shear stress augmented from the first loading
phase to the initial failure and then diminished till final failure. At the beginning of
failure, the stress points were very close to the post-rupture strength envelope.
Afterwards, the average shear stress along the slip surface reduced nearly vertically
with very little change in average normal effective stress.
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Fig. 6.158 Development of average stress path along slip surface

Fig. 6.159 and Fig. 6.160 show the pre-failure distribution of current shear stress
along the failure surface below dam embankment at phase 23 (step=629502) and
phase 26 (step=689858). In these figures the peak, post-rupture, residual and current
strength values calculated from Eq. (5.3) with the corresponding strength parameters
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are also shown. It can be seen that the value of shear stress is intermediate between

peak and residual values.
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Fig. 6.159 Distribution of shear stress along failure surface at phase 23 (Step=629502)
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Fig. 6.161 presents the distribution of current shear stress along failure surface below
dam embankment just at failure (step=1013304). The corresponding distribution of
shear strength at current, peak, post-rupture and residual states under relevant

effective normal stress o, are also shown in Fig. 6.161. It can be seen that the value
of shear stress is intermediate between the peak and residual values.

Fig. 6.162-Fig. 6.164 show the post-failure distribution of current shear stress along
the failure surface. At phase 35P2 (step=1016304) and phase 35P3 (step=1018304),
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the shear stress began to reach residual envelop firstly along the upstream part of slip
surface below diaphragm wall and then propagated the softening process till residual
state towards the downstream part of slip surface. At final failure phase 35P6
(step=1032857), the current shear stress is almost the same as that calculated with
residual strength parameters, which confirms the mechanism of progressive failure of
Aznalcollar dam.
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Fig. 6.161 Distribution of shear stress along failure surface at initial failure phase
(step=1013304)
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Fig. 6.162 Distribution of shear stress along failure surface at phase 35P2 (step=1016304)
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---------- Peak strength at step=1018304
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Fig. 6.163 Distribution of shear stress along failure surface at phase 35P3 (step=1018304)
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Fig. 6.164 Distribution of shear stress along failure surface at final failure phase
(step=1032857)

6.5.5 Supplementary analyses

In this section, two supplementary analyses applying individually homogeneous and
inhomogeneous assumptions are performed.

6.5.5.1 Supplementary analysis with homogeneous assumption

In this section, analysis R is presented by applying the softening rates shown in Table
6.13 to homogeneous blue clay.
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In analysis R, the dam did not fail till the final construction stage (seen in Fig. 6.165
and Fig. 6.166). This demonstrates that with the slower softening rate dam failure can
not be induced.

Table 6.13 Shear strength parameters and plastic shear strain limits for blue clay mass

Peak state C;; = 65kPa, ¢p =24°,y7,=0

Post-rupture state c;w = 5kPa, ¢;W =22°,y, =0.005

Residual state c, =0kPa, ¢ =11°, y. =0.135

Fig. 6.166 Plastic zones final phase in supplementary analysis R

6.5.5.2 Supplementary analysis with inhomogeneous assumption

In this section, inhomogeneous hypothesis is proposed in analysis S. The
corresponding model parameters for blue clay mass and weak layer are shown in
Table 6.14 and Table 6.15.

In analysis S, the dam failed at phase 21 (seen in Fig. 6.167 and Fig. 6.168) with
failure surface located at y=29 m. This indicates that the more rapid softening rate
will cause an earlier dam failure.

Table 6.14 Shear strength parameters and plastic shear strain limits for blue clay mass

Peak state C;J =65kPa, ¢p =24°,y,=0
Post-rupture state C'pr = 5kPa, ¢;r =22°,y, =0.00018
Residual state c, =0kPa, ¢ =11°, y. =0.00350

Table 6.15 Shear strength parameters and plastic shear strain limits for weak layer

Initial strength C;; = 5kPa, ¢p =22°,y,=0
Final residual state | ¢, = OkPa, ¢, =11°, y =0.00332
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Fig. 6.167 Shear strain rate at final phase in supplementary analysis S

Fig. 6.168 Plastic zones final phase in supplementary analysis S

6.6 Summary

In this chapter, the Aznalcéllar dam failure has been simulated using the two-stage
softening model incorporating the post-rupture strength concept under both
inhomogeneous and homogeneous hypotheses with different softening rates.

All the simulation results demonstrate:

(1

2

3)

“)

Analyses under both inhomogeneous and homogeneous hypotheses reproduced
well the Aznalcdllar dam failure. The mechanism of Aznalcdllar dam failure is
deemed to be progressive failure mainly due to the softening of Guadalquivir
blue clay. In analysis with the inhomogeneous hypothesis, the critical failure
plane may be assumed to be at post-rupture strength. In the analysis with
homogeneous hypothesis, however, failure only happened with a much quicker
softening rate than that adopted in analysis with the inhomogeneous hypothesis.

The slip surface can be deduced directly from shear strain rate, shear strain
increment, displacement and velocity plots. The slip surfaces predicted in
analyses under both inhomogeneous and homogeneous hypotheses are similar
with only Im difference of slip surface depth. In addition, the results of
simulations with several weak layers confirmed further the location of the critical
surface.

The failure initiated just after the construction of the final dam layer and can be
captured clearly through plots of development curves of velocity and shear strain
rate. Afterwards, the dam moved gradually till the sudden occurrence of post-
failure acceleration of displacement and shear strain increment when the final slip
surface formed completely. The pattern of development of displacements
suggests that the monitoring of displacements and/or deformations may not be
useful in this case.

The whole failure process can be explained directly by the development of shear
strain rate, shear strain increment, displacement, velocity and strength parameters.
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()

(6)

(7

In analysis with inhomogeneous assumption, yield points started to form at phase
15 near the upstream of the diaphragm wall and then progressed along the weak
layer starting from both the downstream part beneath the dam toe and the
upstream part close to the toe of diaphragm wall. Afterwards failure extended
upward till the downstream ground surface (Phase 26-Phase 34). At phase 34
some yield points existed but no general failure occurred. At phase 35P1 general
failure occurred. Failure extended subsequently along the weak layer
progressively until the downstream failure part along the horizontal weak layer
connected with the upstream failure part. Eventually failure developed upwards
till reaching the upstream tailings surface and the final continuous failure surface
came into being with an acceleration of large deformations.

In the analysis with homogeneous assumption, yield points began to concentrate
in upstream zones below and behind diaphragm wall. At phase 35P1, failure
initiated firstly close to the diaphragm wall and then extended horizontally
toward the downstream part of dam. Afterwards failure developed upwards till
reaching the upstream tailings surface and thus formed the continuous failure
surface.

There is very limited dissipation of pore water pressure and small extent of
consolidation due to the low permeability of the clay. This is demonstrated by the
development of pore pressure along profile A-E on the slip surface. The
magnitude of the pore water pressure development agrees with the added dam
and tailings weight above the points analysed. The distribution of pore water
pressure at failure is consistent with the results of the numerical analyses
performed previously and with the simplified elastic-consolidation analyses.

In the analyses under both inhomogeneous and homogeneous hypotheses, the
post-failure development of average stress ratio along slip surface reduced from
0.405/0.39 at the beginning of failure to 0.29/0.28 at the final failure with
corresponding values of equivalent mobilised friction angle to be 22.05°/21.3°
(almost the same as post-rupture value) and 16.2°/15.7° (half way between post-
rupture and residual values). The corresponding residual factor R at initial
failure is about 0.51/0.53 which is very close to that calculated by Gens and
Alonso (2006). It then increased to 0.78/0.79 at the final failure implying that the
shear stress is half way between peak and residual values. Naturally, the brittle
nature of clay could underlie the progressive failure process with reduction of
available strength during the construction of the dam. The average brittleness
increased from 0.35/0.37 at the beginning of failure to 0.53/0.55 at final failure
due to the reduction of shear stress along slip surface. At the same time, the
brittleness of the clay and the low residual friction angle indicate that, once the
failure has initiated, there is a potential for an accelerated motion due to the
progressive loss of clay strength. This acceleration is confirmed by the rapid
increase in average stress ratio, residual factor and average brittleness and
characterizes the final failure.

The average stress path along the slip surface shows that, at the beginning of
failure, stress points lay close to the post-rupture strength envelope. Afterwards
the average shear stress along the slip surface reduced with very little change in
effective normal stress.
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(8)

©)

The distribution of shear stress along the failure surface was intermediate
between the peak and residual values. Whereas at final failure the shear stress is
almost the same as residual value, which confirms further the mechanism of
progressive failure of Aznalcollar dam. The stress paths and variations of
strength parameters with plastic shear strain at points I-P along the slip surface
illustrate also the progressive failure mechanism. All these results indicate that at
final failure stage of the analysis most of the slip surface is at residual state,
especially on the horizontal part.

Furthermore, it should be noted that the Aznalcollar dam failure is sensitive to
the softening rate denoted by y,, and y,. Larger rates will induce earlier failure

and no failure will occur with slow softening rate. Only an appropriate value of
softening rate can cause failure at the final phase under both inhomogeneous and
homogeneous hypotheses.
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Chapter 7. Analytical solution to cylindrical
cavity expansion in stiff clays with
the two-stage softening model

7.1 Introduction

Over the last 50 years, cavity expansion theory has been widely used in the field of
geotechnical engineering such as in the bearing capacity of deep foundations (Vesic,
1977; Randolph et al., 1979), installation of driven piles (Randolph et al., 1994; White,
2004), stress distribution around tunnels (Li et al., 2004), interpretations of
pressuremeter tests (Monnet, 2006) and cone penetration tests (Battaglio et al., 1981;
Ramesh & John, 1986; Mayne, 1991; Salgado et al., 1997; Chang et al., 1998).

The classical elastoplastic cylindrical cavity expansion theory (Vesic, 1972) has
provided a series of applications in theoretical analysis and engineering practice.
However, as stated by (Wang & Xiong, 1999; Zheng et al., 2004), it has some
disadvantages:

(1) The applied perfect elastoplastic model can not reproduce well the complex
stress-strain relation of actual soils.

(2) The plastic volumetric strain is considered to be known. But in engineering
practice, it must be determined according to its relationship with stress
components.

(3) Volumetric strain is assumed to be positive and can not consider volume dilation
in plastic regions induced by shear.

Meanwhile, soils such as stiff clays, dense sand and even rock, exhibit brittle
properties and strain-softening characteristics. Solutions of cylindrical cavity
expansion including strain softening have already been studied. Brown et al. (1983)
developed a stepwise sequence of calculations for brittle-plastic rocks and Carter &
Yeung (1985) presented a numerical solution for strain-weakening materials.

Jiang & Shen (1995,1996a, 1996b, 1996c) introduced a stress-dropping strain-
softening model, implying an immediate stress reduction from peak value to residual
strength, into cylindrical cavity expansion theory and provided the corresponding
explicit solutions to stress, strain and displacement fields. This method has been used
to analyse the bearing capacity of a foundation with strain-softening behaviour. In
addition, Jiang & Shen (1997) also developed a one-stage linear softening model
based on conventional triaxial compression tests and presented the corresponding
calculation procedure. This model has been adopted by Zheng J.J. et al. (2004) to
deduce an analytical solution to cylindrical cavity expansion and applied by Li et al.
(2004) to the analysis of cavity of surrounding rocks.
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Carter & Yeung (1985), Cividini & Gioda (1992), Potts et al. (1987, 1990 and 1997),
Dounias et al (1988, 1996) and Troncone (2005) used a generalised non-linear strain-
softening and strain-hardening soil model based on Mohr-Coulomb yield criterion.
This is an elastoplastic model in which softening behaviour is accounted for by

allowing the angle of shearing resistance, ¢', and the apparent cohesion intercept, ¢’,
to vary from the initial peak value to the residual flow phase with the deviatoric
plastic strain invariant, & . For the cylindrical cavity expansion, the deviatoric plastic

strain is replaced by radial strain. However, such models assume one-stage linear
softening for strength parameters c¢' and ¢' and unable to distinguish the two-stage

softening feature and post-rupture strength point of stiff clays.

This chapter mainly aims to develop a simplified quadralinear elastic—strain-
softening—residual-plastic model for stiff overconsolidated clays comprising two-
stage linear softening based on the results of laboratory tests. The Mohr-Coulomb
yield criterion is used for the initial, intermediate post-rupture and final plastic flow
stage. Simplified yield functions for the two-stage strain-softening phases are
constructed on the basis of experimental stress-strain curves. Meanwhile, the relevant
flow rules are defined according to the major principal strain versus minor principal
strain relationship. By integrating the equilibrium equation, boundary conditions and
establishing continuities of stress, strain and displacements, the analytical solutions to
the limit pressure, the stress, strain, and displacement fields for the expansion of a
cylindrical cavity are presented. Afterwards, some examples are calculated and a
parametric study is performed.

7.2 Governing equations and simplified quadralinear model

Adopting a similar method as used by Wang & Xiong (1999) and Zheng et al. (2004),
the stress-strain curve (Fig. 2.21) for stiff overconsolidated clays can be simplified

into a quadralinear curve as shown in Fig. 7.1. Under the surrounding pressure o, , the
soil responds as a linearly elastic material before peak strength. After the peak value,
the strength decreases linearly and rapidly from peak value to post-rupture strength
and then reaches residual strength at a relatively slower rate (Fig. 7.1).

Fig. 7.1 Simplified model from test curves

The curves of ¢, —¢&, and &, —¢, are also simulated by a quadralinear model. ¢,, ¢
and ¢, are respectively the bulk strain, the major principal strain and the minor
principal strain. And ¢”, & and & denote the corresponding plastic strains after
peak strength. Compressive strains are considered positive. For the calibration of the
simplified quadralinear model from test curves, the values of the parameters
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p,o0,H,F,G,h, f,g can be obtained through the slope of the corresponding straight
lines (Fig. 7.1). Among these parameters, 4, f,g are non-negative proportionality
coefficients. They may be equal to, smaller than or greater than 1.0 and represent,

respectively, incompressibility, shear dilation and shear contraction.
In cylindrical cavity expansion, the radial stress o, corresponds to the major principal
stress o, and the circumferential stress o, corresponds to the minor principal stress

0, . The same rule holds for strains.

As assumed by Carter & Yeung (1985), the cavity expansion occurs in a medium of
infinite extent. Initially, at time 7 =0, the cavity has a radius R,, which is usually very
small compared with the ultimate radius R , and internal pressure p,. Everywhere in

the surrounding material the radial and circumferential stress components are
compressive and have magnitude p, .

Fig. 7.2 Sketch of cylindrical cavity expansion

In accordance with the quadralinear model, the surrounding region of the cylindrical
cavity expansion under internal pressure p in an infinite soil can be divided in four
zones as shown in Fig. 7.2. When the value of p is smaller than the elastic limit, the
soil around the cavity is in the elastic state and when p increases to a certain value
causing the soil to yield, strain-softening stage I initiates. The interface between
elastic zone and softening I zone is denoted by S1 whose radius is R,. With the
increase of p, the strain-softening zone enlarges gradually. Up to some certain value,
the surrounding soil reaches the post-rupture strength and strain-softening stage II
starts. Thus interface S2 and radius R, are defined similarly. When p reaches a limit
pressure p,, the surrounding soil enters the residual phase. Finally, these four zones
extend outward further with R; as the radius of the residual zone, and S3 the
corresponding interface.

Here, the cylindrical cavity expansion is an axisymmetric problem and the equation of
equilibrium is
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do, L9~
dr r

which is an ordinary differential equation that can be solved analytically.

=0 (7.1)

Two boundary conditions for the expanding cavity are

Atr=R, 0. =p (7.2)
Atr=om, o, =p, (7.3)
D, 1s the initial stress.
The definitions of strains are
g =30 (7.4)
dr
&y = _ur) (7.5)
r

where 7 is the radial coordinate and u is the radial displacement (assumed small
compared with 7).

At the linear elastic stage, in accordance with Hooke’s law, the stress-strain
relationship can be expressed as:

1—v? v
& = o ——0 7.6
r E ( r l—V 9] ( )
1—v? v
&, = o,——0O. 7.7
° E (‘9 1-v j (.7

E is the Young’s modulus and v is Poisson’s ratio.

And by virtue of elastoplastic theory, strain can be divided into elastic and plastic
parts as shown in

e =g +¢&’ (7.8)
Eg=E,+ &, (7.9)

where &, &’

)

g, and &) are the radial elastic and plastic strains, and the
circumferential elastic and plastic strains, respectively.

In Fig. 7.1a, it can be seen that after peak value the value of (0'1 —0'3) decreases

linearly with the radial strain. Therefore the yield functions of the soil for the two-
stage softening can be respectively formulated as:

o - Al (7.10)

o-r _0-67 = (O-r _O-€)|,,:R2 _2‘28}{) (7'11)

o —-o,=(0.-0,)

where 4,4, denote undetermined parameters describing strain softening and R, R,
are radii of cavity. It is evident that the soil in the strain-softening phases does not
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obey Mohr-Coulomb yield criterion, but satisfies the rules expressed in Eq. (7.10) and
Eq. (7.11).

In addition, the stresses, strains and displacements must be continuous at interfaces
of S1, §2, S3. Therefore, at point A, point B and residual phase, Mohr-Coulomb

criterion is assumed as the yield function which is equivalent to the aforementioned
yield functions and can be written as:

_lwsing o 200080y ok, (7.12)
l-sing 1—-sing

where ¢, ¢ are the corresponding cohesion and the frictional angle respectively, and

k1=1+s?n¢ (7.13)
1—-sing

_2ccosé (7.14)
l-sing

For peak, post-rupture and residual phases, they can be symbolised as
CpsB,:Cosy-Cnd, and k Lk, Lk LKy KK,

Ip>™2p > lpr> ™ 2pr>

At the initial peak yield point, the soil should conform to Eq. (7.12), while serving as
the starting point for Eq. (7.10). At the post-rupture point, the soil should also be
consistent with Eq. (7.12), which must be assumed as the end point for Eq. (7.10) and
the starting point for Eq. (7.11). Just as it reaches the residual phase, the soil complies
also with Eq. (7.12), which is also the ending point for Eq. (7.11). In this way, the
yield functions of the soil are continuous from the initial yield point to the residual
phase.

At the same time, the flow rules for the two-stage softening and residual phase can be
constructed from Fig. 7.1(c). The plastic strains ¢; and & satisfy the following
equations corresponding to different phases

&y =—hs! (7.15)
& =—f¢& (7.16)
&y =—ge&l (7.17)

which could be used to describe the shear dilation and determine the plastic
volumetric strain.

As assumed by Carter & Yeung (1985) and studied by Georgiannou & Burland (2001)
and Alonso & Gens (2006a), the basic elastic parameters, peak, post-rupture and
residual strength parameters and strain-related parameters can be obtained from
laboratory tests such as triaxial tests and shear tests.
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7.3 Analytical solutions

7.3.1 Stress, strain and displacement fields in elastic zone (r>R,)

By means of the elasticity theory, the solutions to the stress, strain and displacement
fields in the elastic zone are given by Yu (2000) as

R’ R’
o, =p(l-——F)+0,— (7.18)
r r
R’ R’
0'6,=p0(1+—12)_o_m—; (7.19)
r r
1+ — p,)R? 2
Er r
1+ — p,)R? 2
gr — ( V)(O-Rl2 p(]) 1 — BR_12 (7.21)
Er r
1+v) (0 — po)R; R?
g, =—( ) E]:Z = —Br—; (7.22)

Substituting Eq. (7.18) and Eq. (7.19) into Eq. (7.12), we have

2k +k
- % =(l+sing,)p, +c, cosg, (7.23)
r=R, + "

. (I-sing,)p,—c,cosg, (7.24)

OCp =0

r

O
Strains and displacement at » = R, can be obtained as shown in

B (1+V)(O-R1 - Py)

7lr=R, - E = B (725)
1+v)(ok — Po)
&ol, - ) - =B (7.26)
1 —po)R
r=R E

7.3.2 Stress, strain and displacement fields in softening | zone
(R, <r<R))

In this zone, strains can be expressed by

&, =&\ _, t& (7.28)
&y = £9|r:R +&) (7.29)

From Eq. (7.28) and Eq. (7.29), we obtain
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glh=¢ —¢

r r r

(7.30)

r=R,

(7.31)

By combining Egs. (7.15), (7.4), (7.5), (7.25) and (7.26) with Eq. (7.30) and Eq.
(7.31), the compatibility equation of the displacement can be derived as

hM+M+B(h—1):O (7.32)
dr r
With the boundary condition Eq. (7.27), Eq. (7.32) can be solved to obtain the
expression of displacement as
h—1 2hBR, R, -

M(l”):—mBr‘f‘W(T)h (733)

Substitution of Eq. (7.33) into Eq. (7.4) and Eq. (7.5) gives

h+l
i hlp, 2B R (734
h+1 h+1 r

h-1_ 2hB R ™
&, =——B—-——"—"—"(-1)" 7.35
| h+1(r) ( )

Substitution of Eq. (7.34) and Eq. (7.35) into Eq. (7.30) and Eq. (7.31) yields

Bl
g’ = —i3+2—B(ﬁ) h (7.36)
h+1 h+1 r
2h 2hB R ™
gl =——B-"— (L) 7.37
“ h+l h+1(r) (7.37)

Using the continuity condition of strain at » = R,

&y, =pe. . B (7.38)
we can obtain the ratio of R, to R,
e
Czﬁ{—z T“ (7.39)
R, 1+mnp-h+1
Furthermore, substitution of Egs. (7.23), (7.24) and (7.36) into Eq. (7.10) leads to
0,—0,=2sing,p,+2c,cosd, —A(—%B +%(§)h’:lj (7.40)

Solving Eq. (7.1) with Eq. (7.40) and boundary conditions Eq. (7.23) gives the
solutions of stresses
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287, [\ R} 284, R
o, = (h+1){ ( L) }-(2cpcos¢p+h+1)ln(r)+cpcos¢p
(7.41)
+ (1 +sing, +2sing, ln(&)jp0
-
284 [ R 284, R
ag—(thl){ 1+(r) }+(2cpcos¢p+h+l)ln(r) c,cosg,
(7.42)

+ (1 —sing, +2sing, ln(%)j Po

At post-rupture state (» =R, ), o, and o, must satisfy the yield function Eq. (7.12). In

this way, the parameter 4, can be determined as

2CP cos ¢ph(l - klpr) In (1+h)pS—-h+1

2P’ -+ klpr)cp cos ¢P B h+1 2
A= B(h+k,)1-B) 2Bh(1-k,) (+hp—h+]
h+1 (h+1)° 2
2hsing, (k. —1) . (1+ h)ﬂ h+l ‘ (7.43)
( h+1 In kll” 1- (1+k1pr)sm¢l’jpo
B(h+k, )1~ ﬂ)+23h(l ki) (+h)f—h+1
h+1 (h+1)° )

7.3.3 Stress, strain and displacement fields in softening Il zone
(R, <r<R))

In this zone, strains can be expressed as

vor, + gl (7.44)
€9 = Epl,_p T &y (7.45)
From Eq. (7.44) and Eq. (7.45), we obtain
gl =¢-¢]|_, (7.46)
&g =E9 =8, _p (7.47)

By combining Eqgs. (7.16), (7.4), (7.5), (7.34) and (7.35)(with r = R, ) with Eq. (7.46)
and Eq. (7.47), the compatibility equation of the displacement can be deduced as

f d”;ir) un) | +B[(f-h)B+h-1]=0 (7.48)
With the boundary condition
u(r)| =(1-h+hp)BR, (7.49)

Eq. (7.48) can be solved to determine the expression of displacement as
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u(r):_(f—h)ﬂ+h—lBr+(1+h),b’—h+1 zf( ), (7.50)
f+1 f+1
Substitution of Eq. (7.50) into Eq. (7.4) and Eq. (7.5) gives
S+l
g,‘:(f—h)ﬁJrh 1 (1+h)ﬂ h+1 sk 2)f (7.51)
f+1 f+1 r
S+l
gez(f—h)ﬂ+h—lB (A+h)p—-h+1 f( ) - (7.52)
f+1 f+1
So, using Eq. (7.51) and Eq. (7.46) gives
S+l
g Z(EDf=h1 [( N } .53
f+1
Using the continuity condition of strain
& _p =WE,|_, =0B (7.54)
we can obtain the ratio of R, to R,
S .
_ f+1 s+
D:&:{ Avmp-h+] } ~[E]+ (7.55)
R, |+ Ho-(f-hp-h+1
where
:(1+f)a)—(f—h)ﬂ—h+1 (7.56)

A+mnp-h+1
Replacing » by R, into Eq. (7.41) and Eq. (7.42) produces

((l+h)ﬁ—h+1j
2

[ (h+1)c, cosg, + BA |In

Oy =0,

2 r

vk, (h 1) +c,cosg,

B4,
T

—L(1-8)+ {1+Sin¢p+2hhsm¢pln((1+h)ﬂ_h+lj}l70

+1 2
(7.57)

0'(9|r:R2 = (hihl)z [(h + l)cp cos ¢p + BﬂJln (%j—c}) cos ¢p

2hsi -
5&1( -B)+ {l—sin¢p+ ;Tfﬁpln((l_'_h)'g h+lﬂp0

(7.58)

From Eq. (7.57) and Eq. (7.58), we can get
(0,-0,)|_, =2c,cosd, +(1—B)BA +2sing, p, (7.59)

Substitution of Eq. (7.53) and Eq. (7.59) into Eq.(7.11) leads to
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S+l
o,—0,=2c,cos$,+(1-)BA +25in¢pp0—ﬂq%3{(&) / —1}
r

(7.60)
R L
:M—Z?Nl:(—z) 4 —l:l
r
where
M =2¢,cos¢,+(1-B)BA +2sing,p, (7.61)
y=UEmp=—h+l (7.62)

f+1
Solving Eq. (7.1) with Eq. (7.60) and boundary conditions Eq. (7.57) gives the
solutions of stresses
R S+l R S+l
J(M+2,N)In| (=2)" |- fLNE) " +(LN+o,) f +oy,
r r

o = 7 (7.63)

R R,
SM+A4LN)In| ()7 [+ LN +(op ~M)f =M -2,N +0,
r r

o, =
I+ f
(7.64)

At residual -rupture state (r=R,), o, and o, must satisfy the yield function Eq.

(7.12) and the parameter A, can be determined as

=k )M In(E)+(1+ )] (M =0, )k, +0, —k,, |
B N[k, =1)fIn(E)+(E =Dk, + f) ]

(7.65)

7.3.4 Stress, strain and displacement fields in residual flow zone
(R, <r<R,)

The strain in residual flow zone can be expressed by

£ =8|, + Fond (7.66)

&y = 89|r:R3 +&) (7.67)
From Eq. (7.66) and Eq. (7.67), we obtain

el =¢,-¢| _, (7.68)

&y =89 =&, (7.69)

By combining Eqs. (7.17), (7.4), (7.5), (7.51) and (7.52) (with » = R, ) with Eq. (7.68)
and Eq. (7.69), the compatibility equation of the displacement can be deduced as
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g d”;(r’") ur) | +B[(f~h)B+h-1+(g— o] =0 (7.70)
With the boundary condition
u(r)| =[1-h+(h-f)B+ fw]BR, (7.71)

Eq. (7.70) can be solved to obtain the expression of displacements as

(¢~ o+ (/=B +h=1 g (+So+h=fIp=h+1 g R
g+l g+l R

u(ry=—

(7.72)
Substitution of Eq. (7.72) into Eq. (7.4) and Eq. (7.5) gives

g+l

(g for U =nphotp, (e DorGoDf=hel y Ry’ g gy

& =

r g+l g+1

g, =80tV —mfth-1, (+f)otChf)f- thlB( 5% (2.0
g+l g+l

The boundary condition under the ultimate expansion pressure p, is

AR (7.75)

Combining both Eq. (7.12) and Eq. (7.1) with boundary condition Eq. (7.75) yields
the solutions to the stress field in the residual flow zone as

2sing,

R \li+sing,
o, =(p,+c cot¢r)( ”j —c, cotg, (7.76)
r
2sing,
— R l+sing,
ﬂ(p +c, cot g, )( ) —c, cotg, (7.77)
I+sing, r

7.3.5 Calculation of radii for different zones and the ultimate
internal pressure

As demonstrated by Jiang & Shen (1995,1996a, 1996b, 1997), Wang & Xiong (1999)
and Zheng et al. (2004), after the expansion of the cylindrical cavity, the volume
change of the cylindrical cavity is assumed to be equal to the sum of the volume
change of the soil in the elastic zone, the two strain-softening zones and the residual
flow zone. In view of this bulk equilibrium condition, it is easily obtained from the
following expression

2 2 2 2
TR — 7R’ =R, —7[(R1 —uRl) +A +A, +A, (7.78)

where R, and R, are the initial and ultimate radii of the cylindrical cavity, u, the

radial displacement at ¥ =R, and A,, A, and A, are the bulk changes of the soil in
the strain softening I zone and II zone, and the residual flow zone, respectively.
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In addition, as a case of plain strain (&, =0), the volume of cavity expansion is
hereby given by

g, =& +¢, (7.79)
Therefore, A, A, and A, can be expressed as
A =27 Jf] erdr=2r Jj‘ (&, +&,)rdr=nR1 (7.80)

f-1
AZ=27rjjzgvrdr=2zrjjz(5r+50)rdr=7zR22 J(I—Dz)—Kil—Df H (7.81)

g-1

2 &
Ry Ry R, R,
A3=271J;“ gvrdr=2zzL" (&, +&, rdr=7R; 1 X 1—(R j }Y 1—(R )

(7.82)
where
23{(h-1)(1—c2)—2h[1—c“ﬂ

7= — (7.83)
JzzB[(f—h),b’Hz—l] 784

1+ f
P 2Bf[(1+h)B—h+1] (785)

I+ f
X:2B[(g—f)co+(f—h)ﬁ+h—1] (786)

I+g
YzZBg[(1+f)a)+(h—f),B—h+1] 787

I+g

Substituting Eqgs. (7.80), (7.81) and (7.82) into Eq. (7.78) and ignoring the term
7 R? and the higher order terms of u x, Pproduces the following equation

g-1

2 £ 41

; . s

e x)| R | y| R 228 TR kp T xov-g (788)
) &) T(coy

Solving the above equation, the radius R, can be obtained and hence the radii R, and
R, can also be computed through Eq. (7.55) and Eq. (7.39).
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Finally, applying the continuity condition of the radial stress at » = R, and using Eq.
(7.76) and Eq. (7.63) with r=R,, we can obtain the solution of the ultimate
expansion pressure p, as

{f(M+2,N)In(E)+ f (1= E) LN +(1+ f) oy, +c, cotd, (1+ f)]

P, = —c, cotg,

u 2sin g,

(1+f )(I;“ ]Hm

3

(7.89)
7.3.6 Remarks

Eq. (7.89) is valid only if the surrounding clay reaches the residual flow stage. There

are three critical stresses—o,,,0,, and o,,, which can be calculated by Egs. (7.23),

(7.57) and (7.63). By virtue of these three stresses, the internal pressure p controls
the utmost stage that the surrounding clay can reach.

7.4 Computational examples

Based on the aforementioned formulae, a Maple program is designed to calculate the
analytical solutions of the cylindrical cavity expansion.

7.4.1 Verification of maple program with trilinear model

By setting ¢, =c,, ¢, =9¢,, f~o, 4, =0 and f =g, R,=R, , the quadralinear
model with two-stage linear softening degenerates into the trilinear model with one-
stage linear softening. In order to verify the new program, the same parameter values
used by Zheng et al. (2004) are applied here, which are given as
E=1.0x10*kPa, v=0.3, ¢, =40kPa, ¢ =30° ¢, =c, =32kPa, ¢, = ¢ =26°
P=0=20,h=f=g=1.0, p,=0kPa, R, =0.3m

The results are listed in Table 7.1 and are the same as those obtained by Zheng et al.
(2004). Here h= f = g=1.0 means that the plastic volume change is 0, which is

consistent with the assumption for the analytical solution to the cavity expansion
given by Vesic (1972).

Table 7.1 Computational results

R, (m) p, (kPa)  R;(m) R, (m) R, (m)
0.30 360.76 2.24 2.24 3.16
Uy (mm) [ 8<9|r:R3 c,|,_, &kPa) Ge|,»:R3 (kPa)
20.1 9.0x10°  -9.0x107 59.74 -16.66
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Uy, (mm) & | 8, a,.|V:R2 (kPa) ag|V:R2 (kPa)
20.1 9.0x10°  -9.0x107 59.74 -16.66

Uy (mm)  &,| 89|r=R| c,|,_, kPa) O'e|r=R] (kPa)
14.2 45x10°  -4.5x107 34.64 -34.64

7.4.2 Examples with quadralinear model and parametric study

7.4.2.1 Effect of shear dilation %, /' and g

The effect of shear dilatation is taken into account by the values of the parameters
h, f and g . The basic model parameters of Example 1 are

E =1.0x10"kPa, v =0.2, ¢, = 25kPa, ¢p =26°% ¢, = S5kPa, ¢pr =23°

c, =0kPa, ¢ =14°, =12, =5.0, h=f=g=1.0, p,=0kPa, R, =0.3m
where ¢, ¢ values are drawn from unweathered Gault Clay values (Cooper et al.,
1998).

On the basis of Example 1, changing only shear dilation parameters 4, f/ and g but
keeping the others unchanged yields produce Example 2-6 as listed in Table 7.2.

Table 7.2 Data of shear dilation parameters 4, f/ and g

Example 1 4=1.0, =10, g=1.0 Exampled =30, f=2.0, g=1.0

Example2 /=20, f=1.5, g=1.0 ExampleS /=25, /=20, g=1.0

Example3 =25 f=15,g=1.0 Example6 /=30, /=25, g=1.0

Table 7.3 Results of ultimate pressure p, and radii (R,,R,,R))

R (m) p, (kPa) R;(m) R,(m) R (m)

h=10,71=1.0,¢g=1.0 03 82.56 129 373 4.09
h=20,f=15¢g=10 03 93.32 1.66 417 496
h=25,f=15¢g=10 03 96.58 1.65 408  5.05
h=3.0,7=2.0,¢g=1.0 03 106.85  1.52 450  5.79
h=25,1=20,g=1.0 0.3 103.57 1.53 4.61 5.71

h=3.0f=25g=10 03 112.94 143 498 641
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Table 7.4 Results for displacement, strain and stress at R,

up om) | &, O] Pa) a€|’_:R3 (kPa)
h=1.0, /=10, g=1.0 348  27.0x10° -27.0x107 46.74 28.53
h=20,f=15,¢g=1.0 31.7 13.5x10°  -19.1x107 47.96 29.28
h=2.5,1=15g=10 32.0 13.5x10°  -19.4x107 49.72 30.35
h=3.0,1=2.0¢g=1.0 37.8 13.5x10° -24.8x107 56.72 34.62
h=25,f=2.0,g=1.0 37.5 13.5x10°  -24.5x107 54.90 33.51
h=3.0,/f=25 =10 42.7 13.5x10°  -29.9x107 61.50 37.54

Table 7.5 Results for displacement, strain and stress at R,

up om) | gl o, (Pa) O-'9|r:R2 (kPa)
h=1.0, f=1.0, g=1.0 12.1 3.2x10°  -3.2x107 25.51 4.56
h=2.0,f=15,g=1.0 157 3.2x10° -3.8x107 28.46 5.85
h=2.5,1=15g=10 16,5 32x10° -4.0x107 29.91 6.49
h=3.0,f=2.0g=1.0 194 32x10° -4.3x107 31.34 7.11
h=25,f=2.0,g=1.0 18.6  3.2x10° -4.0x107 29.91 6.49
h=3.0, =25 ¢g=1.0 21,5 32x10° -4.3x107 31.34 7.11

Table 7.6 Results for displacement, strain and stress at R,

up om) & 8l o, kP oy (cPa)
h=1.0, f=1.0,g=1.0 1.0 2.7x10° -2.7x107 22.47 22.47
h=20, =15 ¢g=1.0 134 2.7x10° -2.7x107 2247 22.47
h=2.5,1=15g=10 13.6 2.7x107°  -2.7x107 22.47 -22.47
h=3.0,1=2.0¢g=1.0 156  2.7x10° -2.7x107 2247 2247
h=25,f=20,g=1.0 154 2.7x10° -2.7x107 22.47 2247
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h=3.0,f=25,¢g=1.0 173 2.7x10°  -2.7x107 22.47 -22.47

0.16

h=f=g=1.0

B h=2.0 f=1.5g=1.0
— — h=25f=15¢g=1.0
0.12 | — - — - h=3.0f=2.0g=1.0
— ----h=25=2.0g=1.0
—“ — — - h=3.0f=2.5g=1.0
i e—--o—-—# Numerical solution by FLAC

Fig. 7.3 Displacement distribution
120

h=f=g=1.0
—————— h=2.0f=1.5g=1.0
e — — h=25f=1.5g=1.0
! — - — - h=3.0f=2.0g=1.0
80 — %‘; — - hi2.5 fi2.0 gi1.0
— —-- - h=3.0f=2.5g=1.0
e—-eo——-e Numerical solution by FLAC

7. (kPa)

r(m)

Fig. 7.4 Radial stress distribution

The computed results are shown in Table 7.3-Table 7.6, Fig. 7.3 and Fig. 7.4.
According to Table 7.3, the ultimate pressure and the maximum plastic radius R,
increase with the higher shear dilation and this is consistent with the result of Carter &
Yeung (1985). The same tendency results for the displacement, strain and stress at
R,. R, whereas the strain and stress at R, remain constant.

From Fig. 7.3 and Fig. 7.4, we can see the increase of displacement and radial stress
with shear dilation. It is also interesting to find from Example 2-5 that the variation
for displacement and stress is very small if only / is changed but f and g remain
constant.
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7.4.2.2 Effect of S

Based on Example 2, only £ is changed while the other parameters kept constant, as
shown in Table 7.7.

Table 7.7 Data of softening parameter [

Example2 f=1.2 Example8 f=14 Examplel0 f=2.0

Example7 f=1.3 Example9 f=1.5

The computed results are shown in Table 7.8, Fig. 7.5 and Fig. 7.6. According to
Table 7.8, the ultimate pressure and the maximum plastic radius R, increase with S

and this is again consistent with the result of Carter & Yeung (1985). However, R,

decreases with S and there is little reduction of R;.

From Fig. 7.5 and Fig. 7.6, we can find that there is little influence of £ on the
displacement and the increase in radial stress with £ occurs mainly in plastic region.

Table 7.8 Results of ultimate pressure p, and radii (R,,R,,R))

R,(m) p,(Pa) Rym) R,m) R m)

=12 0.3 93.32 1.66 4.17 4.96
p=13 0.3 98.09 1.65 3.90 5.00
p=14 0.3 102.39 1.65 3.68 5.04
p=15 0.3 106.31 1.65 3.49 5.07

£=2.0 0.3 121.66 1.63 2.82 5.20

0.16

r(m)

Fig. 7.5 Displacement distribution
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Fig. 7.6 Radial stress distribution

7.4.2.3 Effect of w

20

Based on Example 2, only @ is changed while the other parameters kept constant, as

shown in Table 7.9.

Table 7.9 Data of softening parameter @

Example 11 @=4.0 Examplel2 @®=6.0 Examplel4 @=10.0

Example2 @®=15.0 Example 13

0 =8.0

Table 7.10 Results of ultimate pressure p, and radii (R;,R,,R))

R (m) p, (kPa) R;(m) R,(m) R (m)
ow=4.0 0.3 90.73 1.86 4.07 4.85
w=5.0 0.3 93.32 1.66 4.17 4.96
w=6.0 0.3 95.29 1.51 4.24 5.05
w=38.0 0.3 98.14 1.30 4.36 5.20
w=10.0 0.3 100.08 1.16 4.46 5.31

The computed results are shown in Table 7.10, Fig. 7.7 and Fig. 7.8. According to
Table 7.10, the ultimate pressure and the maximum plastic radius R, and R, increase

with @ whereas R, decreases with @ . This agrees with the results of Carter & Yeung

(1985).

From Fig. 7.7 and Fig. 7.8, we can see that the displacement and radial stress increase
with @ but the magnitude of enhancement is much lower than that caused by £.
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0.16

r(m)

Fig. 7.7 Displacement distribution
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Fig. 7.8 Radial stress distribution

7.4.2.4 Effect of initial stress p,

In the study above, the initial stress p, is OkPa. Here we change the initial stress p,
and keep other parameters constant. The parameter data is shown in Table 7.11.

Table 7.11 Data of initial stress p,

Example2  p, =50.0kPa Example 16 p,=100.0kPa Example 18 p, =500.0kPa

Example 15 p, =50.0kPa  Example 17 p, =200.0kPa

The computed results are shown in Table 7.12Error! Not a valid bookmark self-
reference., Fig. 7.9 and Fig. 7.10. According to Table 7.12, the ultimate pressure

307



@ Chapter 7 Analytical solution to cylindrical cavity expansion

increases to a great extent with p, whereas the maximum plastic radius R,, R, and

R, naturally decrease with p, .

Table 7.12 Results of ultimate pressure p, and radii (R;,R,,R))

R, (m) p,(kPa) R;(m) R,(m) R (m)

Dy = 0.0kPa 0.3 93.32 1.66 4.17 4.96
Dy = 50.0kPa 0.3 289.15 1.18 2.96 3.52
by = 100.0kPa 0.3 458.82 0.96 2.41 2.87
by = 200.0kPa 0.3 761.27 0.74 1.86 2.22

Py = 500.0kPa 0.3 1534.94 0.49 1.23 1.47

From Fig. 7.9 and Fig. 7.10, we can see that both the displacement and radial stress
increase with p, but the influence on radial stress is much more apparent than that on

displacement.
0.247 P,=0.0kPa
N l------ p,=50.0kPa
0.2 °
——  — p,=100.0kPa
| — - — p,=200.0kPa
016 | . p,=500.0kPa
— || | «—--e-—e Numerical solution by FLAC

r (m)

Fig. 7.9 Displacement distribution
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1600

1 — p,=0.0kPa

b \ ——————— p,=50.0kPa

11 | —  — p,=100.0kPa
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e—-e-—o Numerical solution by FLAC
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Fig. 7.10 Radial stress distribution

7.4.2.5 Effectof £ and v

To study the effect of £ and v, the four examples listed in Table 7.13 are calculated.
The computed results are shown in Table 7.14, Fig. 7.11 and Fig. 7.12.

According to Table 7.14, the ultimate pressure and radii R, R,

Table 7.13 Data of E and v

and R, decrease

slightly with the enhancement of Poisson’s ratio and increase dramatically with
Young’s modulus.

Example 2 F=1.0e4, v=0.2 Example20 FE=5.0e4, v=0.2

Example 19 F'=1.0e4, v=0.3 Example2l F=50e4, v=0.3

Table 7.14 Results of ultimate pressure p, and radii (R;,R,,R))

R,(m) p,(Pa) R (m) R,(m)

R, (m)

E=1.0e4, v=02 03 93.32 1.66  4.17
E=1.0e4, v=03 03 91.86 1.59  4.00
E=50e4, v=02 03 12779 371 934

E=5.0e4, v=03 0.3 125.81 3.57 8.97

4.96

4.77

11.12

10.69
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0.16 —

E=1.0e4 kPa 11=0.2
******* E=1.0e4 kPa 11=0.3
— — E=5.0e4 kPa 11=0.2
1 — - - — E=5.0e4 kPa 11=0.3

Fig. 7.11 Displacement distribution
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E=1.0e4 kPa 1=0.2
\ ******* E=1.0e4 kPa =03
‘ — — E=5.0e4kPa =02
. \ — - - — E=5.0e4kPa =03

o, (kPa)

r(m)

Fig. 7.12 Radial stress distribution

From Fig. 7.11 and Fig. 7.12, we can see that both the displacement reduction with
Young’s modulus and the radial stress increase with Young’s modulus. But the
influence of Poisson’s ratio on displacement and stress is small.

7.4.2.6 Effect of post-rupture strength parameters c,, and ¢,

By only changing the ¢, and ¢, values, we can perform the examples shown in
Table 7.15.

Table 7.15 Data of £ and v

Example 2 c, = S5kPa, ¢pr =23°  Example 24 c, = S5kPa, ¢pr =20°

Example 22 ¢, = 10kPa, ¢pr =23° Example 25 c, = 2kPa, ¢pr =20°

Example 23 ¢, = 2kPa, ¢pr =23°
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Table 7.16 Results of ultimate pressure p, and radii (R;,R,,R))

R,(m) p,(kPa) Ry(m) R,(m) R (m)

c,.=5kPa, ¢, =23° 0.3 93.32 1.66 417 496
c, =10kPa, ¢ =23° 03 103.61  1.66 417  4.96
c, =2kPa, ¢, =23° 03 87.14 1.66 417 496
c,. =5kPa, ¢ =20° 0.3 91.61 1.66 417 496

¢, =2kPa, ¢, =20° 03 8510  1.66 417 496

120
4 c,=10 kPa ¢ =23°
c,=5 kPa ¢ =23°
— — c,=2kPa ¢, =23°
80 —| — - - — c,=5kPa ¢,=20°
A c,=2 kPa ¢ =20°

o, (kPa)

Fig. 7.13 Radial stress distribution

The computed results are shown in Table 7.16 and Fig. 7.13.

According to Table 7.16, the ultimate pressure decreases with the reduction of post-
rupture strength parameters ¢, and ¢, . But the radii R, R, and R, are uninfluenced

and remain constant.

From Fig. 7.13, we can see that radial stresses decrease with ¢, and ¢,

7.4.3 Numerical simulation of cavity expansion

Some numerical simulations of cavity expansion using two-stage softening model are
performed for comparison with analytical solutions. The strain-hardening/softening
model is chosen in FLAC and has been described in Section 3.6.2.

The problem is modelled using an axisymmetric configuration and plane-strain
boundary conditions, as indicated in Fig. 7.14. The FLAC model is of finite extent,
but the length, L, is chosen to be very large as compared to a,.
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Fig. 7.14 Model geometry

Here both a, and # is taken as 0.01 and L 50. The grid is composed of a single layer

of 50 zones of constant height and variable zone width, graded by a factor of 1.1. All
the model information is given in Table 7.17. The basic model parameters are the
same as those used in Section 7.4.2.1. Instead of using Young’s modulus and
Poisson’s ratio, bulk and shear moduli are adopted. Dilation angle is supposed to vary
in the same way as the frictional angle and associated flow rule is assumed. Initial
stress 1s considered as OkPa and initial x-velocity is 1.0e-6 m/s. For cavity expansion,
the large deformation setting is appropriate. In total, 200000 steps are computed.

Table 7.17 Model and parameter configuration

; --- model geometry ---

g501

gen 0.01 0 0.01 0.01 50 0.01 50 0 rat 1.05 1
; --- model properties ---

model ss

pro bu 5.556e6 sh 4.167e6 co 2.5¢e4 fric 26 dil 26 ten 51257 den 2000
pro ftab=1 ctab=2 dtab=3

table 1 0,26 3.24e-3,23 13.5¢-3,14

table 2 0,2.5e¢4 3.24e-3,5¢3 13.5¢-3,0

table 3 0,26 3.24e-3,23 13.5¢-3,14

; --- boundary conditions ---

fix y

ini sxx 0 syy 0 szz 0

apply press 0151

fixxil

ini xv 1.0e-61 1

; model settings ---

set large
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step 200000

As shown in Fig. 7.3, the displacement distribution line after 200000 steps is very
similar to those from the analytical procedure though it lies a little lower with
conservative results. The same tendency is found for the radial stress distribution as
indicated in Fig. 7.4.

In addition, the typical expansion curve is plotted in Fig. 7.15, from which we can see
that the ultimate pressure p, is about 106 kPa. The calculated ultimate pressure is
quite close to that obtained in Section 7.4.2.1. r and 7, are respectively the current
cavity radius and the initial cavity radius.

120

100

80 —|

60 —
20
20;
0 | | | |

0 10 20 30 40
r/r,

pu (kPa)

Fig. 7.15 Expansion curve with zero initial stress
The stress path for two-stage softening case in ¢ — p space is shown in Fig. 7.16. This

stress path line ABCDEF can be explained in a similar manner as that stated by
Carter & Yeung (1985). The initial condition is represented by point A and during the
early expansion the material behaves elastically and deformation occurs at a constant
value of p (defined in Eq. (I.3)). At point B the material first yields until reaching

point C with its peak strength parameters ¢,, ¢, . After C an obvious rapid reduction
in g (defined in Eq. (I1.6)) occurs and afterwards ¢ decreases slowly until point E.
After point E, the critical residual state is reached and ¢ changes linearly with p.
The line EF passes the origin point (0,0).

Similarly, a second simulation is conducted with almost the same parameters (Table
7.17) as in the first simulation apart from the fact that the initial stress is assumed to
be 100 kPa.
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As shown in Fig. 7.9, the displacement distribution line after 200000 steps is quite
similar to that obtained from the analytical procedure though it lies a little lower with
conservative results. The same tendency is found for the radial stress distribution as
indicated in Fig. 7.10.

36
2- o
28 - B

oA
0 10

\ \ \ \ \ |
30 40 50 60 70 80
p (kPa)

Fig. 7.16 g — p stress path curve with zero initial stress

\
20

In addition, the typical expansion curve is plotted in Fig. 7.17, from which we can see
that the ultimate pressure is about 446 kPa. The calculated ultimate pressure is quite
close to the value obtained in Section 7.4.2.4 which 1s 458.82 kPa.

The corresponding stress path is represented in g — p space as shown in Fig. 7.18.
This stress path line ABCDEF can be explained similarly to the previous case. From

Fig. 7.18, it can be seen that the two-stage softening feature in ¢ — p curve becomes

less apparent when increasing the confining pressure. This is reasonable because the
strength of clay increases with the confining pressure and there is less difference in
strength during the two-stage softening process.

In summary, the numerical solutions in cavity expansion problem are similar to those
calculated by the analytical method. In turn, this confirms the validity of the
analytical procedure.
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450
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Fig. 7.17 Expansion curve with 100 kPa initial stress
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Fig. 7.18 g — p stress path curve with 100 kPa initial stress

7.5 Summary

By introducing the post-rupture strength for stiff overconsolidated clays, a simplified
elastoplastic model comprising two-stage linear softening is proposed to simulate the
corresponding stress-strain softening curve. Subsequently, all the analytical solutions
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for limit pressure, stress, strain, and displacement fields for the expansion of
cylindrical cavity have been derived in a simple way. This method is particularly
appropriate for stiff overconsolidated clays and overcome the defects in the classical
theory of the expansion of elastoplastic cylindrical cavity.

The computational examples indicate that the quadralinear softening model can
degenerate to the original trilinear model and give the same results as those published
previously.

This model is quite flexible to perform a parametric study. It shows that all the
parameters including shear dilation ( /4, f and g ),initial stress p,, softening mode
(S and @ ), post-rupture strength parameters (¢, and ¢, ) and elastic constants

(E and v ) can influence the ultimate pressure p,, transition radii (R, R,, R,), and the

displacement, strain and stress fields. This formulation provides a simple method for
theoretical studies.

In addition, the similarity between numerical solution and analytical one inversely
verifies the correctness of the analytical solution to cavity expansion in stiff clays
using two-stage softening characteristics.

The concept of post-rupture strength and the method presented in this chapter may
also be applicable to other cases using different yield criterions such as the Tresca
yield criterion (Liang & Chen, 2004). With a similar procedure, the corresponding
analytical solutions can be worked out.
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Chapter 8. Conclusions

According to all the aforementioned demonstration of two-stage softening of stiff
clays involving post-rupture strength, the following conclusions can be drawn:

1.

(2)

Laboratory, field and numerical results verify the existence and robustness of
post-rupture strength for stiff overconsolidated clays. The post-rupture strength
envelope for the slip surfaces formed during the failure of initially intact stiff clay
is well defined, repeatable, not sensitive to stress history or softening due to
dilation and distortion, and not influenced by the rotation of the principal stresses
but dependent on the stress level.

Analysis of collected data demonstrates that the post-peak strain-softening
characteristic of stiff clays can be divided into two stages. The microstructure
studies indicate that the first softening stage is induced by the loss of
interbonding between particles, i.e. the cohesive component of strength at
relatively small displacement and hence termed as cementation loss; while the
second is due to the gradual realignment, i.e. reorientation of clay particles at
large displacements and can be called as gradual frictional resistance loss.

Although post-rupture is different from so called critical-state strength (i.e. fully
softened strength), the critical-state strength can still be considered as a good
reference for post-rupture strength. The main difference between these two
strengths lies on that the cohesion of critical-state strength is zero and is a special
case of post-rupture strength which involves small cohesion (normally between 0
and 10 kPa) due to rapid reduction of cohesion after peak with relatively small
displacement.

The modified two-stage softening model based on the generalised non-linear
strain softening/hardening model through improving original Mohr-Coulomb
model is established and formulated. This model is implemented into FLAC in a
easy way based on built-in strain softening/hardening model and can be used to
simulate the two-stage post-peak softening feature of stiff overconsolidated clays,
especially the post-rupture strength.

The triaxial tests and direct shear box test are reproduced via two-stage strain-
softening model. All the numerical results demonstrate the capability and
efficiency of the modified softening model to model the two-stage strain-
softening behaviour of stiff clays.

A series of analyses of delayed progressive failure of cut slopes in stiff clays
similar to those conducted by Potts et al. (1997) have been performed using both
one-stage and two-stage softening models. The results obtained state:

The numerical results reproduce well the progressive failure process, position of
failure surface and failure time.
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(b) Parametric analyses such as K|, effect, surface suction effect, slope geometry

effect, influence of post-rupture strength parameters and critical stable cutting
height are also carried out to demonstrate the general influence of post-rupture
strength while taking bulk peak strength as the initial peak strength in two-stage
softening model.

(c) The local FOS and average FOS can be used to evaluate the slope stability in stiff
clays with softening behaviour.

(d) In cases using bulk peak strength as initial peak strength in two-stage softening
model, the critical stable cutting height using post-rupture strength parameters is
0.5 meter lower than that using only one-stage softening parameters whereas the
collapse time with two-stage softening model is longer than that with one-stage
softening model.

(e) In consideration of the whole formation process of highly fissured clay, the intact
peak strength might be reckoned as the initial original peak strength

(c'p =20kPa, ¢[', =20°) and the bulk peak strength could be reasonably assumed
as the so-called relevant post-rupture strength (c;”, = TkPa, ¢:W =20°) accounting

for the fissures in clay. The residual strength is chosen as ¢, = 2kPa, ¢, =13°.

(f) The results in analyses applying intact peak strength elucidate that:

® The softening rate of strength parameters has remarkable influence on the
collapse time and plays the main role of controlling collapse time.

® The collapse time with two-stage softening model applying intact peak strength
is shorter than that with one-stage softening model due to the notable cohesion
difference between peak and post-rupture strengths.

® The critical stable height with two-stage softening model applying intact peak
strength is lower than that with one-stage softening model adopting bulk peak
strength.

(g) The slope stability with the adoption of two-stage softening model is reduced
compared with that using one-stage softening model due to the quicker cohesion
reduction with deviatoric plastic strain in the first softening stage of two-stage
softening model. Post-rupture strength is of significance to account for the
quicker cohesion degradation at the first stage in two-stage softening model.

7. The results of numerical simulations of Aznalcdllar dam failure via two-stage
softening model incorporating the post-rupture strength concept under both
inhomogeneous and homogeneous hypotheses with different softening rates
respectively demonstrate:

(a) The mechanism of Aznalcollar dam failure is deemed to be progressive failure
mainly due to the softening of Guadalquivir blue clay, which can be elucidated
by the whole failure process in both analyses.

(b) The slip surfaces predicted in analyses under both inhomogeneous and
homogeneous hypotheses are similar to the real case.
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(c)

(d)

(e)

)

(g)

(2)

(b)

(©)

(d)

The failure initiated just after the construction of final dam layer and then
developed gradually till the sudden post-failure acceleration of displacement
when the final slip surface formed completely.

There is very limited dissipation of pore water pressure and small extent of
consolidation due to the low permeability. This is proved by the development of
pore pressure along profile A-E and slip surface. The magnitude of the pore
water pressure development agrees with the added dam and tailings weight above
the analysed point.

The average stress path along the slip surface shows that, at the beginning of
failure, stress points lay closely to the post-rupture strength envelope. Afterwards
the average shear stress along the slip surface reduced nearly vertically with very
little change in effective normal stress.

The distribution of shear stress along failure surface was intermediate between
the peak and residual values. Whereas at final failure the shear stress is almost
the same as residual value, which confirms further the mechanism of progressive
failure of Aznalcollar dam.

The Aznalcollar dam failure is sensitive to the softening rate denoted by y,, and

y,.. Larger rates will induce earlier failure and no failure will occur with slow

softening rate. Only an appropriate value of softening rate can cause failure at
final phase under both inhomogeneous and homogeneous hypotheses.

The extension of the post-rupture strength concept to analytical solutions to
cylindrical cavity expansion in stiff overconsolidated clay illuminates the
generalisation of post-rupture strength concept and the relevant two-stage
softening model in geotechnical engineering problems. The relevant analytical
and numerical modelling results elucidate:

By introducing the post-rupture strength for stiff overconsolidated clays and on
the basis of the trilinear model, a simplified elastoplastic model comprising two-
stage linear softening is proposed to simulate the corresponding stress-strain-
softening curve. All the analytical solutions to limit pressure, the stress, strain,
and displacement fields for the expansion of cylindrical cavity have been derived
in a simple way. This method can cope especially with stiff overconsolidated
clays and overcome the defects in the classical theory about the expansion of
elastoplastic cylindrical cavity.

This model is quite flexible to make parametric study. The computational
examples indicate that the quadralinear softening model can degenerate to the
original trilinear model and gives the same results as those published.

The similarity between numerical solution and analytical one inversely verifies
the reasonableness of the analytical solution to cavity expansion in stiff clays
with two-stage softening characteristics.

This analysis illuminates the possibility of generalisation of post-rupture strength
concept and the relevant two-stage softening model in geotechnical engineering
problems.

Future work may be resumed and is listed in the following:
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(a)

(b)

(©)

(d)

(e)

0]

(2

Though this thesis presents the general information of post-rupture strength, the
relevant experimental study such as more detailed examination of strength
degradation of stiff clays via advanced microscopic devices and laboratory tests
should be carried out so as to develop a feasible method to associate directly the
mobilised softening strength parameters with plastic shear strain or displacement
for stiff clays. A good example is the biaxial compressive unconfined tests on
Beaucaire marl conducted at the Laboratoire 3S of the Université Fourier of
Grenoble with the method of False Relief Stereo-photogrammetry (Allodi A. et
al., 2003; Castelli, M., Allodi, A., Scavia C., 2009). Meanwhile, in their study, a
computer code BEMCOM with Slip-Weakening-Model (SWM) based on the
BEM technique of the Displacement Discontinuity Method was utilised to
simulate the relevant experimental results. Of importance, in this simulation, one-
stage softening model was assumed for Beaucaire marl. Analogously the
corresponding with experimental test can be designed to capture the two-stage
softening process of stiff clays such as Guadalquivir blue clay and numerical
modelling with BEMCOM via two-stage softening scheme may be performed.

Particle flow code PFC might also be used to investigate the failure mechanism
with two-stage softening behaviour of stiff clays.

It will be of significance to apply the automeshing technique to simulate large
deformation in the progressive failure cases presented in this thesis.

The two-stage softening model can also be implemented into finite element code
such as ICFEP and comparisons might be made between FEM and FDM.

Nonlocal elasto-viscoplastic model (Troncone, 2005) might also be combined
with the two-stage softening model to minimize the mesh size influence.

Schuller and Schweiger (2002) formulated a constitutive model within the
framework of Multilaminate Models, which takes into account of both frictional
and cohesive softening behaviour with the development of plastic shear involving
shear banding, to analyse the practical problem of a tunnel construction
according to the principles of the NATM (New Austrian Tunnelling Method).
Again the two-softening model might be incorporated into this model to make
similar analysis in tunnelling problems such as tunnelling swelling in stiff clays.

The author believes that the study on stiff clays in micro-meso-macro scales and
the development of corresponding multi-scale constitutive model combining
continuum and discontinuum methods, conventional soil mechanics, fracture
mechanics, and damage mechanics will lead the research trend in next decades.
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@ Appendix I Definitions of stress and strain variables

Appendix |. Definitions of stress and strain
variables

Stress is a second order tensor which is defined by six components. The effective
stress tensor is given as:

o, T, T.
L ,
o'=\r, o, T, (L.1)
sz zy O-z

where 7 =7, ,7 =7 and7_=7_.

2 Yxz zy

The stress tensor can be divided into two components, the volumetric component and
the deviatoric component as follows:

! ' ! '
o, T, T.| |p" 0 0] o -p" 7, =
" ! _ [ ! [
o'=\rz, o, 7,.|=|0 p" 0|+ 7, o,—p T, (L.2)
! ' ! '
TZX sz O-Z O O p TZX sz O-Z - p

In the above equation p' is the mean effective stress:

o, +0,+0,
pl=— 3 (I.3)

Eq. (I.2) can be rewritten as follows:
o'=p'l+s (L4)

Where o' is the effective stress tensor, p' is the mean effective stress, s is the

deviatoric stress tensor and 7 is the second-rank identity tensor (the tensor quantities
are represented by bold-faced characters).

It is common to represent the state of stress with three stress invariants, the mean
effective stress, p', the deviatoric stress, J or ¢ and the Lode’s angle, §. The mean

effective stress, p', can be calculated from Eq. (I.3). The deviatoric stress, J or ¢, and
the Lode’s angle, 8, are defined as follows:

q=-3J (1.6)
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N 33 det(s)

0 =——sin 5 =

(L7)

where det( s ) is the determinant of the deviatoric stress tensor s and can be given as:

o.-p' 1, .
dets=| 7, o,— P 7, (1.8)
sz sz O-z 4

or

det s :(0'; —p')(o’y —p')(o-; —p')—(G;—p')Tiz —(O"y —p')rzzx 19)

~(o.-p')l +2r,7 7

xy”yz"zx

These three invariants can be expressed in terms of the principal effective stresses o,

o, and o, as follows:

(1.10)
J:\/%[(0'1'—0"2)2+(0'£—0';)2+(0';—0'1')2} (I.11)

1 C\2 . 2 : 2
or q:\/a[(o]—az) +(0'2—0'3) +(O'3—O'1)j| (1.12)

0 =—tan" (Ej (I.13)

where

(L14)

The principal stresses can be expressed in terms of these alternative invariants using
the following equation:

: sin(0+2—ﬂ)
o, 1 5 3
o, r=p'il +ﬁJ sin @ (I.15)
o, 1 . ( 27[)
sin 9—7
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The above three quantities, p', J or ¢, and 6, have a geometrical significance in
principal effective stress space. Fig. I.1a shows the principal effective stress space
with the space diagonal (o, =0, = 0;) and a deviatoric plane (defined as any plane

perpendicular to the space diagonal). Fig. 1.1b shows the projection of the principal
stress space onto the deviatoric plane. It can be seen that the mean effective stress, p’,
is a measure of the distance of the current deviatoric plane from the origin along the
space diagonal. The deviatoric stress, g or J, is a measure of the distance of the current
stress state from the space diagonal in the deviatoric plane. Finally the Lode’s angle, 6,
defines the orientation of the stress state within the deviatoric plane, and varies

between +30° (which corresponds to triaxial extension, o, =0, > o, and b = 1) and -

30° (which corresponds to triaxial compression, o, > o, = o, and b =0).

Fig. 1.1 (a) Principal stress space and (b) deviatoric plane (Potts and Zdravkovic, 1999)

The three stress invariants, p’, J or g and 6 are commonly used in order to define the
stress state of a loaded body. However, although they define the overall magnitude of
the stress state, they do not provide any information on the direction of the planes on
which the principal effective stresses act. This is not necessary if the material
considered is isotropic, in which case the material properties are the same in all
directions. However, if the material considered is anisotropic (i.e. its properties are
directional dependent), then the direction of the principal effective stress planes
becomes significant and the use of just the three stress invariants, p’, J or ¢ and 0 is
not sufficient. This is the reason why these stress invariants have been used
extensively in the formulation of isotropic constitutive models, whereas in the case of
anisotropic constitutive models the formulation usually involves the calculation of the
whole stress tensor.

Strain, like stress, is a second order tensor, defined by six components as:

& Wr, Y.
e=|\ vy & Y. (L16)
Ve Wr, =

where Vg =Viws Ve = Ve and Ve =V
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The strain tensor can be divided into two components, the volumetric and deviatoric

components:
&, %VW %VXZ e 0 0 &, ~e, %ny %sz
E= %yxy £, %yyz 0 e O+ %yxy £, —e, %yyz (I.17)
0 O

%VZX %VZy £, & %Q/Zx %}Qy £ —e,

In the above equation e, is equal to:

ev:§(5x+gy+gz):§g (1.18)

v

Eq. (I.17)can be rewritten as:
g=%5V1+eS (I.19)

In the above equations ¢ is the strain tensor, ¢, is the volumetric strain and e, is the
deviatoric strain tensor.
The strain invariants corresponding to the previously described stress invariants are

the volumetric strain, &, given by Eq. (I.18) and the deviatoric strain Eq, if the stress
invariant J is chosen, or ¢_, if the stress invariant ¢ is used. These are defined from

the following equations:
E, :[2(es :es)]%

2 i C1 L1, N (20
=|:2((gx_ev) +(g,v_ev) +(gz_ev) +E]/xy +5yyz +57/2x j:|

£ =LEd (L.21)

NG

The above equations are expressed in terms of the principal strains, &, &, and ¢, as

follows:
E,=¢&+&, teé (1.22)
E, :%[(‘5‘1 —&, )2 +(€2 —83)2 +(<£‘3 -& )2 :|% (1.23)
& :g[(é‘l _52)2+(52_€3)2+(6‘3—81)2}% (I.24)

. Triaxial stress space

In triaxial stress space the most commonly adopted stress and strain invariants are the
mean effective stress, p’, the shear stress, ¢, the volumetric strain, ¢, , and the shear

strain, ¢, . In this case of axially symmetric conditions, they are expressed as:
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| .
'=—(0,+20 1.25
p'=3(0,+20,) (1.25)
g=o0,-0, (1.26)
e, =¢,+2¢, 1.27)
&, = %(ga -¢,) (1.28)

where o, and o, are the axial and radial effective stresses and ¢, and ¢, are the
axial and radial strains respectively.

For triaxial conditions the increments of stresses are related to the increments of
strains as follows:

(1.29)

1 1

{dgv}_ %{ /]qp {dp}
de | | 1 1 d
D, Se ]l

where K is the bulk modulus, G is the shear modulus and the parameters Jy» and Jpg
are coupling moduli that express the cross dependence of the volumetric strain on the
shear stress, g, and of the shear strain on the mean effective stress, p'. Hence, the shear
modulus G can be calculated from a test where dp’= 0 and the bulk modulus K can be
calculated from a test where dg = 0:

3G =% (130)
de,
dp'

K=" 1.31
i (131)

For any other stress path the cross coupling of the shear and volumetric components
does not allow direct calculation of the bulk and shear moduli. For a material that is
elastic and isotropic Jgp = Jpg = o, and the shearing and volumetric components are
essentially decoupled. In this case the bulk and shear moduli, K and G, can be
calculated from any stress path directly from Eq. (I.30) and Eq. (I.31). Moreover for
such a material K and G are related through the Poisson’s ratio, u:

G= M K (1.32)

2 (1 + ,u)

For undrained conditions, where there is no volume change, the undrained modulus,
E., can be calculated as follows (for an elastic isotropic material):

E, =3G (L33)
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Appendix ll. Derivatives of stress invariants

The derivatives of stress invariants which have been depicted in 0 are given below.

° For mean total stress

op 1 T
—>3=—1 11 0 0 O II.1
{80‘} 3 { } Ih
° For mean effective stress
op' 1 T
—2==1111 0 0 O 11.2
et | 12)
) For deviatoric stress
a‘] 1 ! ' ! ' ! [ T
{5} = Z{Jx -p' o,—-p' o,-p ZTW 2Z'yz Zz'zx} (IL.3)

. For Lode’s angle

{ae}: 3 3 dets{@J}_{dets} (114)
oc'] 2cos36J°| J (0o’ oo’

where dets is given as Eq. (I.8) or Eq. (1.9).

In addition, the derivatives of J and € above are expressed in terms of effective
stress. If total stresses are replaced by effective stresses, the same expressions are

obtained, i.e. {G_J} = {a—J} and {%} = {ﬁ} .
oo oo’ oo oo'
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Appendix lll. Specification of strength
parameters and softening rate

Potts et al. (1990) devised a reasonable method to obtain the strength parameters and
relevant softening rates required in one-stage softening model. They got the peak
strength of intact yellow clay from laboratory tests. And the residual strength was
determined by shear box tests on specimens including the shear surface from the
actual failure. Afterwards they found in trial trench that discontinuous solifluction
shears were over about 40% of the whole length investigated and this was assumed to
be representative of the yellow clay below the dam prior to failure. In line with this
concept, a representative average strength could be deduced by adding the shear stress
vs. horizontal displacement curves for intact specimens and specimens with shear in
proportion 3:2 (seen in Fig. III.1). The same approach was used to calculate the initial
peak strength parameters for yellow clay.

Fig. I11.1 Average strength of yellow clay with 60% intact and 40% sheared:
0';1 =200 kPa with 1 m thick element (after Skempton, 1985)

They also stated that the rate at which strength drops from peak to residual with strain
or displacement is a major uncertainty. Failure in the finite element solution
concentrates in half the thickness of an element, which is 0.5 m for the yellow clay.
The stress-displacement relationship of such a layer is determined by the strain-
softening function adopted, and this needs to simulate the stress-displacement
relationship of the real shear zone. However, the latter is not easy to acquire. The

assumptions made for ¢ are shown in Fig. II1.2; ¢ decreases linearly in the same
way. The line Y, is thought to represent a reasonable assumption. And they also
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mentioned that the initial part of the post-peak curve has the most influence on
progressive failure.

Fig. I11.2 Assumption for post-peak decrease of ¢ with plastic strain for yellow clay
(Potts et al. 1997)

2001

v Yz
/ Shear box
% 300 x 300 x 150mm
——— 60 x 60 x 20mm

Shearstress - kPa

100F e m———

O/ orysy: %
(b)

Fig. I11.3 Comparison of post-peak stress-displacement assumption for yellow clay with
direct shear box tests: (a) &, =400 kPa; (b) o, =200 kPa (Potts et al. 1997)

The only test data with which this assumption may be compared is that from direct
shear box tests. Fig. III.3 shows that the comparison is reasonable. It may be noted
that the curves of stress against average strain for 20 mm and 150 mm thick shear box
specimens are similar indicating that the same curve may apply to a 500 m thick layer.
Y, was used to examine the influence of the rate of post-peak softening assumed. This
implies that the shear strain keeps similar for specimens with different sizes.

The representative values of strength parameters and softening rates for yellow clay
are given as c;) =6 kPa, ¢p =19°, ¢, =0 kPa, ¢p =12°, &, =5% and &}, =70%.

Chen et al. (1992) also deduced the softening parameters by fitting the shear stress
versus shear strain curves although hyperbolic softening model was applied in their
analysis.
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Appendix IV. Procedure to obtain theoretical
shear stress vs. shear strain curve
for the two-stage softening model

Shear stress 7 (kPa)

(0] 71%’2 73 74
Shear strain »

Fig. IV.1 Schematic shear stress vs. shear strain curve with two-softening model

The procedure to obtain shear stress vs. shear strain curve is based on Fig. IV.1. O-A
section denotes elastic and the shear stress can be calculated by

=Gy (IV.1)
where G is the shear modulus and given by Eq.(4.2).

A is the peak point indicating the beginning of plasticity. At peak state, the shear
stress can also be calculated using peak strength parameters via

T= c;) +o, tan(¢1')) (Iv.2)

By equalising Eqgs. (IV.1) and (IV.2), the shear strain at peak state can be obtained
from

V= (c;] +o, tan(¢1'] )/ G (IV.3)

A-B is the first softening section with point B being the post-rupture strength point.
With y, =0, the shear strain at B can be acquired by
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Va=0t7, (Iv.4)

And the shear strength can be calculated using mobilised strength parameters by
r=c/(y)+0, tan(4 (7)) (IV.5)

In terms of the description in Section 3.5, ¢,(y) and ¢ (y) can be formulated as

: . ¢, —c,
a()=c,———=-n) (IV.6)

pr

h(=¢,— ¢‘”7_ P (r=n) av.7)

pr

B-C is the second softening section with point C being the beginning of residual state.
The shear strain at C can be calculated by

i=nt7, (IV.8)
And the shear strength can be calculated using mobilised strength parameters by
7=6,(7)+0, tan(¢,(7)) (IV.9)

In terms of the description in Section 3.5, ¢,(7) and ¢,(») can be formulated as

' , C' —C'
a()=c, - ’”’_y ~(r=7) (IV.10)
6=, - ¢"”__y¢’ (r=7) (IV.11)

Finally C-D represents the residual state and the residual shear stress can be calculated
from

r=c, +0,tan(g.) (IV.12)

In summary, the shear stress for all the four sections can be expressed in a general
function of shear strain and effective normal stress as given by

Gﬂ/ s OSJ/<7/]
. c,—c, : 6,8,

C,— p}/ 5 (7_71)+0ntan(¢p_ p}/ (=7 . n<r<n

T(}/,G};): . pr' ¢' pr ¢' (IVIS)

! cr_cr ! ' r Y

=" (r=yr)+o,tan(g, ————(=7,)) , 1L <r<r
r_j/pr r_j/pr

¢+ tan(y) sy

When the values of effective normal stress o, and y, are set, the shear stress is only

the function of shear strain and then can be plotted in shear stress vs. shear strain
curve. It should be declared here that the shear stress corresponds to the shear strength
value using mobilised strength parameters.
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